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Abstract 
There has been a significant worldwide increase in the use of cold-formed steel (CFS) in 
low-rise residential structures as an alternative to timber. Improving the understanding of 
the behaviour of cold-formed steel framed domestic construction is important considering 
the greatly increased worldwide demand for such structures. CFS structures are used in 
many parts of the world including areas of moderate to high seismic activity such as Japan, 
the United States, and New Zealand and areas with cyclonic winds such as some parts of 
Australia.  
Australia is at the forefront of this technology, and its systems are most advanced worldwide, 
although due to the low seismicity in this region, little attention has been paid into studying 
the behaviour of CFS structures under earthquakes. The current study is one of the very 
few that investigates the lateral load capacity of CFS structures in addition to other 
properties of these systems. Lateral load resisting capacity of this system is usually its 
Achilles heel. The common bracing methods are not capable of economically resisting the 
high demands imposed on the system in high seismic regions or high wind areas.  
This study aims at evaluating the extra capacities that can be obtained by some common or 
not-so-common additional material such as screw fixed gypsum board in isolation or in 
combination with fillers such as foam-concrete. The CFS structure made in combination with 
fillers is called HYBRID in the current study. The filler material restrains the buckling of studs 
to some extent and participates in carrying the loads. As part of this study, an innovative 
bracing system is developed that works well under earthquake loads. The brace allows 
dissipation of energy to occur through yielding of strap braces over a long length without 
any failure at the connections or at the tensioning units.  
The thesis contains the results of experimental tests performed for the determination of in-
plane lateral capacity of hybrid CFS panels and out-of-plane bending of gypsum sheathed 
ones. It also presents numerical simulations that are validated with the experiments and 
theoretical derivations, which mostly result from expansion of the numerical study beyond 
the experimental range.  
The study adds to the archive of scientific data available and pushes the boundaries of the 
state of the art. In addition, it quantifies the gains that can be made by adding hybrid in-fill 
materials and sheeting to the CFS structures and the better structural performance that can 
be achieved. The results are useful for practicing engineers and researchers alike. 
  
3 
 
Declaration by author 
This thesis is composed of my original work, and contains no material previously published 
or written by another person except where due reference has been made in the text. I have 
clearly stated the contribution by others to jointly-authored works that I have included in my 
thesis. 
 
I have clearly stated the contribution of others to my thesis as a whole, including statistical 
assistance, survey design, data analysis, significant technical procedures, professional 
editorial advice, financial support and any other original research work used or reported in 
my thesis. The content of my thesis is the result of work I have carried out since the 
commencement of my higher degree by research candidature and does not include a 
substantial part of work that has been submitted to qualify for the award of any other degree 
or diploma in any university or other tertiary institution. I have clearly stated which parts of 
my thesis, if any, have been submitted to qualify for another award. 
 
I acknowledge that an electronic copy of my thesis must be lodged with the University Library 
and, subject to the policy and procedures of The University of Queensland, the thesis be 
made available for research and study in accordance with the Copyright Act 1968 unless a 
period of embargo has been approved by the Dean of the Graduate School.  
 
I acknowledge that copyright of all material contained in my thesis resides with the copyright 
holder(s) of that material. Where appropriate I have obtained copyright permission from the 
copyright holder to reproduce material in this thesis and have sought permission from co-
authors for any jointly authored works included in the thesis. 
  
4 
 
Publications during candidature 
Refereed conference papers 
1. Shahrzad Kasaeian, Hamid Reza Ronagh. “Racking Performance of Light Weight 
Concrete Filled Cold-Formed Steel Panels.” ISEC PRESS, 2016, p., doi: 10.14455/isec.res. 
2016.181. 
2. Hamid Reza Ronagh, Shahrzad Kasaeian, “Seismic Bracing of Cold-Formed Steel 
Structures publication”, 13th International Conference on Steel, Space and Composite 
Structures, 31 January to 2nd of February 2018, Perth, Australia. 
3. Sh. Kasaeian, H. R. Ronagh, Reza Nikoonejad, “Racking performance of light weight 
concrete filled cold-formed steel panels”, The Third Australasia and South-East Asia 
Structural Engineering and Construction Conference, Kuching, Sarawak, Malaysia, Oct 31-
Nov 4, 2016. 
 
 
Submitted manuscripts included in this thesis 
No manuscripts submitted for publication. 
  
Other publications during candidature 
No other publications. 
 
Contributions by others to the thesis  
No contributions by others. 
 
Statement of parts of the thesis submitted to qualify for the award of another degree 
No works submitted towards another degree have been included in this thesis. 
 
Research Involving Human or Animal Subjects  
No animal or human subjects were involved in this research. 
  
5 
 
Acknowledgements 
First and Foremost, I would like to express my deep sense of thanks and gratitude to my 
supervisor, Professor Hamid R. Ronagh for the continuous support of my PhD study. This 
thesis could not be completed without his guidance. His attitude towards research is 
contagious and inspiring. I could not have imagined having a better advisor and mentor for 
my PhD study. 
 
Besides my advisor, I would like to thank my thesis committee: Dr. Johnny Ho, Dr. Liza 
O’Moore and Dr. Vinh Dao, for their insightful comments. 
 
No project is possible without infrastructure and requisite material and resources. For this 
my sincere thanks goes to Prof. Bijan Samali, who provided me an opportunity to join their 
team as intern, and who gave access to the laboratory and research facilities. Without they 
precious support it would not be possible to conduct this research. 
 
Nobody has been more important to me in the pursuit of this project than the members of 
my family. I am deeply and forever indebted to my parents Shahla and Manouchehr, for 
showing faith in me and giving me liberty to choose what I desired. I would never be able to 
pay back the love and affection showered upon by my parents.  
 
My heart felt regard goes to my parents in law, Mahmoud and Behjat for their love and moral 
support and encouragement. 
 
Thanks to my friend Majid for his support and dedicated efforts which contributed a lot for 
completion of my thesis.  
 
I owe thanks to a very special person, my husband, Alborz for his continued and unfailing 
love, support and understanding during my pursuit of PhD degree. Most importantly, my little 
girl Adrina who is the meaning of my life for abiding my ignorance and the patience she 
showed during my thesis writing. I consider myself the luckiest in the world to have such a 
lovely and caring family. 
  
6 
 
Financial support 
This work would not have been possible without the financial support of the JASON 
Scholarship and also University of Queensland International Scholarship(UQI). 
 
Keywords 
CFS panel, Racking performance, Concrete-filled CFS panel, Strap-braced CFS panel, 
Gypsum sheathed CFS panel, Buckling, Tension device. 
 
Australian and New Zealand Standard Research Classifications (ANZSRC) 
ANZSRC code: 090506, Structural Engineering, 50% 
ANZSRC code: 090504, Earthquake Engineering, 30% 
ANZSRC code: 090502, Construction Engineering, 20% 
 
Fields of Research (FoR) Classification 
FoR code: 0905, Civil Engineering, 90% 
FoR code: 0913, Mechanical Engineering, 10% 
  
7 
 
 
 
 
 
 
 
 
 
 
 
 
In the name of God 
  
8 
 
Table of Contents 
Other publications during candidature ............................................................... 4 
Contributions by others to the thesis ................................................................. 4 
Statement of parts of the thesis submitted to qualify for the award of another 
degree ........................................................................................................... 4 
Research Involving Human or Animal Subjects ................................................ 4 
Australian and New Zealand Standard Research Classifications (ANZSRC) .. 6 
Fields of Research (FoR) Classification ............................................................. 6 
Abbreviation ........................................................................................................ 19 
 Chapter 1: Introduction .................................................................................. 20 
 Introduction ........................................................................................ 21 
 Statement of the Problem ................................................................. 22 
 Objectives .......................................................................................... 24 
 Research methodology ..................................................................... 25 
 Outline of thesis ................................................................................ 26 
 Chapter 2: Review of available literature ...................................................... 28 
 Introduction ........................................................................................ 29 
2.2 Strength of CFS members.................................................................... 30 
2.1.1 Effective Width Method (EWM) ............................................... 31 
2.1.2 Direct Strength Method (DSM) ................................................ 35 
 Load bearing capacities of sheathed CFS panels .......................... 37 
2.2.1 In-plane Capacity of sheathed CFS panels ............................. 38 
2.2.2 Out-of-plane capacity of gypsum sheathed CFP panel ........... 45 
 In-plane capacities of Strap-braced CFS Panels ............................ 46 
 Load bearing capacities of concrete filled CFS panels .................. 48 
9 
 
 Seismic response modification factor (R) of CFS structures ........ 49 
 Chapter 3: Out-of-plane Bending Performance of Gypsum Sheathed Cold-
Formed Steel Panels .................................................................................. 50 
 Introduction ........................................................................................ 51 
 Calculation the strength of bare and sheathed Cold-Formed Steel 
members ...................................................................................................... 51 
3.2.1 CUFSM Program ..................................................................... 54 
3.2.2 Finite Strip Method .................................................................. 54 
 Modelling of sheathed CFS members .............................................. 55 
3.3.1 Column bracing ....................................................................... 55 
3.3.2 Beam bracing .......................................................................... 56 
 Composite action between gypsum board and steel studs ........... 60 
3.4.1 Experimental studies on gypsum sheathed CFS panels under out-
of-plane loading .............................................................................................. 64 
3.4.2 Analytical study on the gypsum board structural ..................... 72 
 Calculation of composite wall assembly limiting height ................ 74 
3.5.1 Limiting heights based on wall stiffness .................................. 76 
3.5.2 Limiting height based on wall flexural strength ........................ 77 
3.5.3 Limiting height based on end connection capacity .................. 77 
3.5.4 Overall Limiting Heights .......................................................... 78 
3.5.5 The developed program in MATLAB for calculation the limiting 
height 78 
 Summary and Conclusion ................................................................ 79 
 Chapter 4: Seismic Strap Bracing of Cold-Formed Steel Panels ............... 80 
10 
 
 Introduction ........................................................................................ 81 
 Experimental and Numerical study to assess the proposed seismic 
brace ............................................................................................................ 82 
4.2.1 Material Testing and test set-up .............................................. 82 
4.2.2 Numerical modelling ................................................................ 88 
4.2.3 Comparison of experimental studies with numerical models ... 89 
 Analytical method for calculating the lateral strength of strap braced 
CFS panels .................................................................................................. 96 
4.3.1 The tensile capacity of the strap .............................................. 98 
4.3.2 The compression capacity of the CFS member .................... 100 
 Design of strap braced CFS panels according to standards ....... 101 
 Comparison seismic modification factor between experimental results 
and recommendation of standards ......................................................... 102 
 Conclusion ....................................................................................... 104 
 Chapter 5: Racking capacity of Cold-Formed Steel Panels filled with Foam 
Concrete.................................................................................................... 105 
 Introduction ...................................................................................... 106 
 Racking capacity of gypsum sheathed CFSP ............................... 106 
 Experimental test on Foam Concrete-Filled CFSP ....................... 108 
 Experimental results of racking capacity test on FCFCFSP ........ 111 
 Numerical modelling and analytical analysis of concrete filled panel
 112 
 Conclusion ....................................................................................... 121 
 Chapter 6: Conclusions and Recommendations ....................................... 122 
 Summary and conclusions ............................................................. 123 
11 
 
 Suggestions for future research .................................................... 126 
6.2.1 Experimental study ................................................................ 126 
6.2.2 Numerical study .................................................................... 126 
6.2.3 Analytical study ..................................................................... 127 
References ........................................................................................................ 128 
  
12 
 
List of Figures 
Figure page 
Figure 1-1: A typical configuration of a CFS panel, and b) structural elements in the 
CFS panel ........................................................................................... 21 
Figure 2-1: Schematic sketch of Effective Width Method .................................... 31 
Figure 2-2: The location of reduced width in effective width method [13] ........... 34 
Figure 2-3:  Typical OSB sheathing-to-CFSP connection failure modes: (a) pull 
through; (b) tear out – bearing – plug shear; (c) bearing [66]. ............ 41 
Figure 2-4:  Typical strap-brace CFS structure ................................................... 47 
Figure 3-1: Different buckling mode shape: (a) Local; (b) Distortional; (c) Flexural-
torsional .............................................................................................. 52 
Figure 3-2:  Front page of the program for nominal strength calculation of CFS un-
lipped C-section .................................................................................. 53 
Figure 3-3:  Front page of the program for nominal strength calculation of CFS lipped 
C-section ............................................................................................ 53 
Figure 3-4: Simplified modelling of sheathed stud .............................................. 57 
Figure 3-5: The schematic sketch of a CFS C-section with the effect of sheathing as 
spring [88, 125] ................................................................................... 57 
Figure 3-6: (a) Sample of KNAUF stud. (b) Dimension of stud’s flange. (c) Dimension 
of stud’s web. (d) Sample of KNAUF’s track. ...................................... 65 
Figure 3-7: The engineering stress-strain curve of S92-75 ................................. 65 
Figure 3-8: a) GSCFS walls b) Schematic sketch of GSCFS walls. .................... 67 
Figure 3-9: (a) Testing assembly, (b) Vacuum configuration, (c) Sealed polyethylene 
sheet. .................................................................................................. 68 
Figure 3-10: Schematic of the vacuum box for transverse load testing [134] ..... 70 
Figure 3-11: Schematic of the vacuum box for end reaction loading testing [134]70 
Figure 3-12: Tributary width of the gypsum board for each stud ......................... 73 
Figure 4-1: X-strap braced CFS structure ........................................................... 81 
Figure 4-2: Regular tension device ..................................................................... 82 
13 
 
Figure 4-3: the failure mode of straps with regular tension device[140] .............. 82 
Figure 4-4: Strap shape and fuse configuration .................................................. 83 
Figure 4-5: Shape of the stud’s cross section ..................................................... 83 
Figure 4-6: A-Tension unit component, B- Strap tension without drilling, C-Tension unit 
position ............................................................................................... 85 
Figure 4-7: Strap braced wall specimen in test frame ......................................... 85 
Figure 4-8: Cyclic loading regime, Method B - ASTM E2126-11 [142] ................ 87 
Figure 4-9: Finite element mode of strap braced CFS panel .............................. 88 
Figure 4-10: The hysteresis graph of experimental test and ABAQUS analysis of S1 
specimen ............................................................................................ 90 
Figure 4-11: The S2 deformation under in-plane lateral load .............................. 90 
Figure 4-12: The hysteresis graph of experimental test and ABAQUS analysis of 
S2specimen......................................................................................... 91 
Figure 4-13: The S3 deformation under in-plane lateral load .............................. 91 
Figure 4-14: The hysteresis graph of experimental test and ABAQUS analysis of S3 
specimen ............................................................................................ 92 
Figure 4-15: The hysteresis graph of experimental test and ABAQUS analysis of S4 
specimen ............................................................................................ 92 
Figure 4-16: The S5 deformation under in-plane lateral load .............................. 93 
Figure 4-17: The hysteresis graph of experimental test and ABAQUS analysis of S5 
specimen ............................................................................................ 94 
Figure 4-18: The S6 deformation under in-plane lateral load .............................. 94 
Figure 4-19: The hysteresis graph of experimental test and ABAQUS analysis of S6 
specimen ............................................................................................ 95 
Figure 4-20: The load transfer diagram of the regular strap brace panels .......... 97 
Figure 4-21: (a) stud’s CUFSM elastic buckling graph, (b) track’s CUFSM elastic 
buckling graph .................................................................................. 100 
14 
 
Figure 4-22: Hysteretic envelope and idealized bilinear curves of studied specimens
 .......................................................................................................... 103 
Figure 5-1: The specimen preparation process ................................................ 108 
Figure 5-2: The schematic configuration of specimens ..................................... 109 
Figure 5-3: The apparatus of lateral loading test frame .................................... 110 
Figure 5-4: Hysteretic diagram of test specimens type A .................................. 111 
Figure 5-5: Hysteretic diagram of test specimens type B .................................. 112 
Figure 5-6: Hysteretic diagram of test specimens type C ................................. 112 
Figure 5-7: Stress-strain curve of light weight foam concrete ........................... 113 
Figure 5-8: Mesh size and coordinate system of light weight foam concrete filled CFS 
panel ................................................................................................. 114 
Figure 5-9: The failure configuration of the tested panels and comparison with 
analytical study ................................................................................. 116 
Figure 5-10: Infilled frame subjected to horizontal loading (a) prior to separation 
between infill/frame (monolithic behaviour) (b) after separation of infill/frame 
[153] .................................................................................................. 117 
Figure 5-11: Separation between infill and frame accurses in the first cycles of loading
 .......................................................................................................... 117 
Figure 5-12: Characteristics of infill and strut model [153] ................................ 118 
Figure 5-13: The probable failure modes of FCFCFSP. (a) diagonal tension failure. (b) 
flexural failure of frame. (c) failure of joints of the frame. (d) Separation of 
foam concrete and CFS member ...................................................... 120 
15 
 
List of Tables 
Table page 
Table 2-1: Nominal shear strength per unit length for one side steel sheathing shear 
wall [47] .............................................................................................. 39 
Table 2-2: Nominal shear strength per unit length for one side wood sheathing shear 
wall [43] .............................................................................................. 42 
Table 2-3: Limiting height for 3.5” thickness wall with 12” stud spacing [94] ....... 46 
Table 3-1 : Spring stiffness of gypsum-sheathed stud [87] ................................. 60 
Table 3-2: Comparison of the moment capacity of bare stud obtained from EWM and 
DSM .................................................................................................... 62 
Table 3-3: The moment capacity of sheathed stud based on and comparison to the 
stud ..................................................................................................... 63 
Table 3-4 Material properties of S92-75 ............................................................. 65 
Table 3-5: Section properties of stud .................................................................. 66 
Table 3-6:  Section properties for track ............................................................... 66 
Table 3-7: Comparison between the out of plane capacity of experimental, EWM and 
DSM (sheathed) results ...................................................................... 71 
Table 3-8: α Calculation ...................................................................................... 74 
Table 3-9: The limiting height of GSCFSP with S64-50 and S76-75 ................... 79 
Table 4-1 Material properties of stud and track ................................................... 84 
Table 4-2 Specimen configuration ...................................................................... 86 
Table 4-3 Cyclic loading regime, Method B - ASTM E2126-11 [142] .................. 87 
Table 4-4 The ultimate strength of the straps in the studied panels .................... 99 
Table 4-5 The ultimate strength of the straps in the studied panels .................. 101 
Table 4-6 Correlation of experimental test results with analytical study ............ 101 
Table 4-7 R factor ............................................................................................. 104 
Table 5-1 Nominal shear strength (R𝑛) for wind and seismic loads for shear walls 
faced with gypsum board (lbft2) (United States and Mexico) ........... 106 
16 
 
Table 5-2 Nominal shear strength (R𝑛) for wind and seismic loads for shear walls 
sheathed with gypsum board (kN/m) (Canada) ................................ 107 
Table 5-3 Shear Resistance Adjustment Factor (C𝑎) ........................................ 107 
Table 5-4 Maximum Percentage of total shear forces resisted by gypsum board in a 
story .................................................................................................. 108 
Table 5-5 FCFCFSP configuration .................................................................... 109 
Table 5-6 Mechanical properties of LECA and sand ......................................... 110 
Table 5-7 Light weight concrete mix design and properties .............................. 110 
Table 5-8 Theoretical lateral capacity calculation of the tested walls ................ 121 
 
  
17 
 
Notations 
 
Symbol Description 
𝐴𝑒 
effective area of the bearing stiffener subjected to uniform compressive stress; or 
effective area at the yield stress (𝑓𝑦) to calculate 𝑁𝑠; or effective area at the critical 
stress (𝑓𝑛) to calculate 𝑁𝑐 
𝐴𝑠 
reduced area of a stiffener; or gross area of the stiffener; or cross-sectional area of a 
transverse stiffener; or tensile stress area of a bolt  
𝑏 flat width of element excluding radii 
𝑏𝑒 
effective width of uniformly compressed stiffened and unstiffened elements used for 
determining the capacity 
𝑏𝑒1, 𝑏𝑒2 effective width of stiffened element with stress gradient 
𝑏1 width of the flange projecting beyond the web for I-beams and similar sections 
𝑏2 width of unstiffened element 
𝐶𝑏 coefficient depending on moment distribution in the laterally unbraced segment 
𝑑 depth of a section; or actual stiffener dimension 
𝑑𝑠 reduced effective width of a stiffener; or effective stiffener dimension 
𝑑𝑠𝑒 effective width of a stiffener; or effective stiffener dimension  
𝐸 Young’s modulus of elasticity 
𝑓𝑐𝑟 plate elastic buckling stress 
𝑓𝑛 critical stress 
𝑓𝑜𝑐 elastic flexural, torsional and flexural-torsional buckling stress 
𝑓𝑜𝑑 elastic distortional buckling stress of the cross-section 
𝑓𝑜𝑙 elastic local buckling stress 
𝑓𝑜𝑥 
elastic buckling stress in axially loaded compression member for flexural buckling 
about the x-axis 
𝑓𝑜𝑦 
elastic buckling stress in axially loaded compression member for flexural buckling 
about the y-axis 
𝑓𝑜𝑧 elastic buckling stress in axially loaded compression member for torsional buckling 
𝑓𝑦 tensile or compressive yield stress 
𝑓1
∗, 𝑓2
∗ web stresses calculated on the basis of the effective section 
𝐺 shear modulus of elasticity 
𝐼𝑥, 𝐼𝑦 second moment of area of the cross-section about the principal x- and y-axes  
𝐽 torsion constant for a cross section 
𝑘 plate buckling coefficient 
𝑙 length of a member 
𝑀 moment due to nominal loads on member to be considered 
𝑀𝑏 nominal member moment capacity 
𝑀𝑏𝑑 nominal member capacity for distortional buckling 
𝑀𝑏𝑒 nominal member capacity for lateral-torsional buckling 
𝑀𝑏𝑙 nominal member capacity for local buckling 
𝑀𝑐, 𝑀𝑐𝑟 critical moment  
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𝑀𝑛 nominal flexural capacity 
𝑀𝑜 elastic buckling moment; or elastic lateral-torsional buckling moment 
𝑀𝑜𝑑 elastic buckling moment in the distortional mode 
𝑀𝑜𝑙 elastic local buckling moment 
𝑀𝑠 nominal section moment capacity 
𝑀𝑦 moment causing initial yield at the extreme compression fibre of a full section 
𝑀∗ design bending moment 
𝑁𝑐 nominal member capacity of a member in compression 
𝑁𝑐𝑑 nominal member capacity for distortional buckling 
𝑁𝑐𝑒 nominal member capacity for flexural, torsional or flexural-torsional buckling 
𝑁𝑐𝑙 nominal member capacity for local buckling 
𝑁𝑜𝑐 
least of the elastic column buckling load in flexural, torsional and flexural, torsional 
and flexural-torsional buckling 
𝑁𝑜𝑑 elastic distortional compression member buckling load 
𝑁𝑜𝑙 elastic local buckling load 
𝑁𝑠 nominal section capacity of a member in compression 
𝑁𝑦 nominal yield capacity of a member in compression 
𝑃𝑐𝑟 critical load 
𝑡 nominal base steel thickness of any element or section exclusive of coating 
𝑍𝑐 effective section modulus calculated at a stress 𝑓𝑐 in the extreme compression fibre 
𝑍𝑓 full unreduced section modulus for the extreme compression fibre 
𝑍𝑒 
effective section modulus calculated with the extreme compression or tension fibre at 
𝑓𝑦  
𝛾 important factor 
𝜆𝑐 non-dimensional slenderness used to determine 𝑓𝑛 or 𝑁𝑐𝑒or 𝑀𝑐𝑑  
𝜆𝑑 
non-dimensional slenderness used to determine 𝑀𝑐  for member subject to 
distortional buckling; or non-dimensional slenderness used to determine 𝑁𝑐𝑑or 𝑀𝑏𝑑 
𝜆𝑙 
non-dimensional slenderness used to determine 𝑁𝑐𝑙 ; or non-dimensional 
slenderness used to determine 𝑀𝑏𝑙 
𝜐 Poisson’s ratio = 0.3 
𝜙 capacity reduction factor 
𝜙𝑏 capacity reduction factor for bending 
𝛹 stress ratio 𝑓2
∗ 𝑓1
∗⁄  
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Abbreviation 
Abbreviation Description 
AISI American Iron Steel Institute 
BMT Base Metal Thickness 
D Depth 
FCFCFSP Foam Concrete Filled Cold-Formed Steel Panel 
CFS Cold-Formed Steel 
CFSP Cold-Formed Steel Panel 
cFSM constrained Finite Strip Method 
CSULS Curved Section Ultimate Local Strength 
DAQ Data AcQuisition 
DSM Direct Strength Method 
EWM Effective Width Method 
FSM Finite Strip Method 
GSCFSP Gypsum board Sheathed Cold-Formed Steel Panel 
ISO International Standardization Organization 
LDT Linear Displacement Transducer 
LVDT Linear Variable Differential Transformer 
OSB Oriented Strand Board 
R Response modification factor 
SBCFSP Strap-Braced Cold-Formed Steel Panel 
TC Terrain Category 
XSCFSP X-Strap-braced Cold-Formed Steel Panel 
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 Introduction 
 
Cold formed steel (CFS) is an environmentally friendly, recyclable alternative to timber, 
which has been traditionally used in housing construction. The replacement of timber with 
steel becomes more prevalent in regions where timber resources are scarce. Cold Formed 
steel panels consisting of steel studs and tracks with one- or two-side sheathing have been 
widely used to construct the external and internal walls of buildings particularly in brick 
veneer construction.  
 
  
(a) (b) 
Figure 1-1: A typical configuration of a CFS panel, and b) structural elements in the CFS panel 
From the loading point of view, there are typically two types of panels: load-bearing panels 
and partition panels. Partition panels need only be designed for out–of–plane wind loading 
and minor surface loading, in addition to bearing their own self-weight. A load-bearing panel 
on the other hand, however, need not only support vertical gravity loads but also resist in-
plane racking loads exerted by wind and earthquake. Cold-formed steel members are not 
connected to each other rigidly; hence, the racking resistance of a CFS panel with no bracing 
is often unacceptably low. If higher racking load capacity is required of a CFS panel, bracing 
with boards (wood-based and/or gypsum-based panels, steel sheets or composite sandwich 
panels), cold-formed steel sections or flat straps are often employed. In this report, cold 
formed steel panels that are strengthened by strap bracing, sheathing or in-fills are called 
Hybrid systems. The current research is on evaluating the capacities of these hybrids 
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suggest alternatives and determine the associated design parameters relevant to the hybrid 
design. 
 
 Statement of the Problem 
The main problem with the CFS shear walls is their low bracing capacity, which hinders their 
use in medium to high seismic regions and mid- or high-rise building despite their 
advantageous lightweight. Bracing capacities provided by normal bracing methods such as 
steel straps or gypsum board cladding, are in the range of 2-7.4kN/m.  For example 
according to the American Iron Steel Institute provision (AISI S213-07) [1], for a sheathed 
CFS panel with ½” gypsum board on one side and screws placed 200mm on the edges and 
300mm within the board, the nominal shear capacity under seismic loads is 230lb/ft 
(3.35kN/m). When factored with a capacity reduction factor of 0.6, would render an ultimate 
capacity of 2kN/m. While making it into double-sided sheathing provides about 4kN/m, it is 
still small. Decreasing the screw spacing to 100mm can bring about twice this capacity but 
that is impractical and too labour intensive. With steel straps, a similar problem exists; strap 
capacity is small and cannot be relied upon, as it is often limited to the capacities of the end 
connecting screws, buckling of compression straps and rupture of straps at the tension 
device location. For a 40mm wide strap at a thickness of 1mm, and at a 45° angle, with yield 
limit of 300MPa and ultimate stress of 360MPa, one would expect around 4.36kN for the 
capacity (if the reduction in width due to screw holes is not high enough to make the local 
yielding around the holes the failure criterion). For a 2.7m tall strap-braced CFSP, 4.36kN 
translates to only 1.6kN per meter only. Doubling the strap brings this to 3.2kN and even 
that is only if adequate number of screws can be placed at strap ends to transfer this force 
to the connecting members. Alternative to these would be using expensive Oriented Strand 
Board (OSB) that allows higher capacities (12kN) to be achieved. However, transferring 
these forces through the bottom track of the panel to the foundation is very much 
questionable and often hinders the use of such theoretically calculated capacity. 
Comparing the above lateral strength to the demand, a sharp contrast becomes evident. For 
a typical 300m2 two-storey cold-formed house in a seismic region with a base acceleration 
around 0.3g, one would expect base shears of around 80 to 120kN. Base shear could rise 
to 160kN for a three storey. It is then difficult to control these lateral seismic forces with 
sheathed panels of the low lateral capacity of 4kN/m. One would need 40m length of panels 
to resist 160kN. In many instances, this creates an architectural nightmare, as openings 
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must be cut short. Alternatives studied are proposed in this PhD thesis such as an innovative 
bracing system and filling the walls with foam concrete to respond to the problem of low 
lateral load capacity. 
A similar situation exists with the wind load that applies an out-of-plane bending load to a 
structure. For a building under 10m tall, that is located in Brisbane (TC2.5 and R=100 years) 
the imposed wind pressure according to the AS/NZS 1170.2 [2] is 1.38kPa. Considering 
600mm stud spacing and 3m studs, each stud undergoes 830N/m uniform loading which 
will cause a maximum moment equal to 930N.m at the middle of the stud. The moment 
capacity of the maximum available regular lipped stud section of grade G550 steel with 
BMT=1.15mm and D=150mm, is 790N.m which is lower than the required capacity. The 
composite action between the steel studs and the cladding provides additional strength that 
allows the use of these studs.  
For sheathing with gypsum boards commercial industries which supply CFS panels [3-7] 
have investigated experimentally the wall height limitation for non-load bearing gypsum 
sheathed CFS panels (which are subjected to out-of-plane pressure only). The data is 
available for limited configurations. Calculating the bending capacities is only correct if the 
effects of gypsum board is considered in the calculations, as bare CFS calculations are far 
too conservative. The interesting point is that there is yet no solid answer for this problem in 
the codes. Although, Schafer et al. [8] proposed a method that allows for the restraining 
effects of the sheathings against buckling in calculating the capacity of the steel stud alone, 
their method does not cover the capacity of the CFS panels and sheathing as a composite. 
It is important to realise that the gypsum board-stud section is a composite section with a 
potential (and sometimes considerable) slip at the interface. While there is a method 
available [9] that can be used to calculate the composite section properties, the method 
requires correct evaluation of the CFS member’s properties (which is influenced by the 
restraints provided by gypsum board presence), In addition to the correct slip factor (that 
would depend amongst many on the material properties of the connecting elements and 
size of screws). None of these is yet addressed in any past study and as mentioned are 
subject of investigation in this thesis.  
The international building code (IBC) (IRC 2012) [10] and the North American standard for 
cold-formed steel framing (AISI S213-07) [1] provide provisions for the strength of sheathed 
CFS panel. Those provisions are capacity-based and only provide tabulated nominal shear 
strength values for specified and limited sheathed CFS panel configurations. The nominal 
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shear strength tables of AISI, list only one type of assembly for gypsum board sheathing; 
that is 12.5mm (1/2in) gypsum board on one side of panel and for the studs spacing up to 
the 600mm (24in) with maximum panel aspect ratio (h/w) of 2:1. Another limitation is 
fastener spacing. No analytical models or closed-form design equations are available for 
predicting the nominal shear strength. In contrast, closed-form design equations have been 
developed and adopted by U.S. design specifications for the hot-rolled steel plate shear 
panel and the reinforced concrete shear panel ((AISC)2005 [11]; ACI 318 2005 [12]). Also, 
it is worth noting that the Australian standard (AS/NZS 4600-05) [13] which is one of the 
most comprehensive standards on CFS structures, does not cover sheathed CFS panels. 
For diagonal strap braced CFS panels, FEMA 450 [14] specifies a seismic response 
modification factor of 4 for diagonal strap bracing (albeit with conditions attached); while 
UBC [15] prescribes an R=2.8 for the same lateral resistance system. The AS/NZS 4600-
05 [13] requires that when cold-formed steel members are utilized as the primary earthquake 
resisting element, the selected response modification factor shall not be greater than 2, 
unless specified otherwise. As is seen there is no consensus on this internationally. Again, 
this study is trying to shed some light on the correct response modification factor. So, the 
following structural problems for CFS structures can be mentioned briefly that must be 
considered to be studied more: 
 Inadequate in-plane racking capacity of CFS shear wall with the conventional bracing 
system; 
 Limited out-of-plane bending capacity of CFS members due to the buckling and lack 
of solid answer for considering the effect of sheathing on increasing the capacity of 
bare member; 
 Availability of code’s tabulated in-plane racking capacity data for limited configuration 
of CFS shear wall; 
 Inconsistency between different codes regarding diagonal strap braced CFS panels’ 
R-Factor; 
 
 Objectives 
With the view to respond to the current shortcomings in the state of the art as explained in 
the previous section “Statement of the Problem”, a program of research is undertaken 
composed of experimental, numerical and analytical work as elaborated in the following. 
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 Investigate the composite action between the gypsum board and the steel stud under 
out-of-plane loading and suggest design formulae for limiting height values; 
 Investigate the lateral performance of concrete filled CFS panels; 
 Introduce a seismic brace; evaluate its seismic performance and suggest design 
method 
 Evaluate the response modification factor of the suggested systems experimentally 
and theoretically. 
The above objectives will be supported by developing accurate Finite Element Models 
in addition to experiments to allow extrapolating the experimental results to a wider range 
and thus assist in developing of the design guidelines.  
 
  Research methodology 
An extensive literature review is the starting point for this research. The review contains 
extensive study of the CFS structural properties, as bare members or as members acting 
compositely in combination with other elements in CFS panels. The review allows detailed 
understanding of the past studies, their strengths and weaknesses and reveals the 
inadequacy of CFS structures that are braced with conventional methods in handling the 
lateral in-plane loads in mid/high rise buildings. Also, the available relevant design codes 
are reviewed comprehensively.  
To improve on the weak response of X-strap braced panels, an innovative strap brace 
(called the “seismic brace”) is proposed next. Six different configurations with the variable 
parameters of the yield fuse length, brace thickness and stud spacing are tested. The results 
prove stability of the hysteretic curves, the higher ductility and higher response modification 
factor for the proposed brace. Equipped with the experimental and numerical results of the 
study allows us to find the best specification of the seismic brace. Design methodology for 
practical designs of such brace is developed and presented. 
To address the problem of limited data on actual capacity of sheathed CFS member, out of 
plane loading of hybrid panels composed of gypsum board and steel studs is investigated 
next. The latest numerical studies consider the effect of sheathing as the discrete stiffness; 
therefore, more study that is experimental should be performed to fulfil more data for further 
numerical and analytical studies. The experimental part of study include 108 experimental 
tests performed and equipped with the pressure-deflection curve and experimental results 
the composite action of gypsum sheathing board and bare CFS member analytically studied. 
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Also, based on the experimental results, calculation on the allowable limiting height for 12 
different stud sizes over the range of 240, 360, 480 and 720 Pa for deflection limits of L/360, 
L/240, and L/120 (where L is the height of the wall) performed. The limiting height is based 
on controlling the deflection, flexure and shear strength of gypsum board sheathed CFS 
panels. Composite action will be discussed and analytical formula for the calculation of 
composite strength is presented.  
The research continues with testing of full-scale concrete-filled CFS panels under cyclic 
loading, to find a way to promote the in-plane racking capacity of CFS shear walls. As this 
configuration did not been examined before, experimental test performed to have a better 
understanding of in-plane racking performance of the proposed shear wall. A standard cyclic 
loading regime is applied to investigate the lateral capacity of three different wall 
configurations of CFS panel filled with lightweight concrete. The failure modes are monitored 
and the role of studs, tracks and noggings in contributing to the lateral capacity of the panels 
are quantified. The numerical study, using ABAQUS software, performed and based on the 
results, the earthquake response modification factor (R) of this system is calculated. 
 
 Outline of thesis 
This dissertation is divided into six chapters. Each chapter builds on the preceding chapter 
to systematically present the ideas, motivations, and methods behind this study on the 
performance of hybrid cold-formed steel panels. 
In Chapter 1, a brief introduction and a general overview of CFS structures are presented. 
It follows by the research program, the main aims and objectives of this research, and the 
research methodology. Finally, the layout of this dissertation is provided. 
In Chapter 2, a literature review on the past studies is presented. It covers research on the 
capacity of CFS members and effects of the sheathing boards as on CFS panels (a model 
of hybrid system) previously attempted by others. 
In Chapter 3, the results of a comprehensive study performed on the effects of gypsum 
board on increasing the strength of CFS members is presented. It includes experimental, 
numerical and theoretical studies, leading to reliable formulae for calculating the capacity of 
gypsum sheathed CFS panels. 
In Chapter 4, a novel strap brace, called a seismic brace, is introduced. This strap brace is 
narrowed for a certain length at around the middle. This allows adequate space for screw 
fastening of the end connection, which prevents the brittle failure as well as sufficient length 
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at the middle to develop yield providing the desired ductility and drift. Based on the obtained 
experimental data, analytical and theoretical results, a simple method to calculate the overall 
in-plane lateral capacity of the seismic brace is presented. The R-factor of the system is also 
calculated and it is shown to be much higher than that prescribed by the codes for strap 
bracing. 
A hybrid system is proposed in Chapter 5 to increase the lateral in-plane capacity of CFS 
panels. The method is based on filling the panels with lightweight foam concrete. The results 
that quantify the enhancement of capacity are provided. 
Finally, in Chapter 6, the conclusion and summary of significant findings from this work are 
provided in addition to suggestions for future research. 
 
  
28 
 
2 Chapter 2: Review of available literature   
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 Introduction 
CFS structure are increasingly used in a variety of low-rise buildings (like in the housing 
industry), while are gradually penetrating to the mid-rise residential construction. The 
increased demand for mid-rise CFS structure in recent years has resulted in various 
research activities being undertaken in order to enhance the performance of these systems 
in compliance with the increased demands of mid-rise construction. The limited lateral load 
resistance capacity of CFS members is one of the major hindrances for the use of these 
systems in mid-rise residential construction. Recent advances in the understanding of their 
behaviour, and ongoing research related to the design of lateral force resisting systems are 
quite promising to guarantee the use of CFS framing into more complex, robust and taller 
structures.  
In this chapter past research/background/theory/standards/formula on the axial and bending 
capacities of CFS members are provided first. The capacities depend on many factors 
including the geometrical parameters of the sections of CFS panels such as shape and 
thickness and the type and strength of the cold formed steel material. Methods of calculating 
these capacities are discussed. This follows by an elaboration on the available behavioural 
data of the structural elements required to resist racking and overturning actions, because 
of wind, earthquake, or other predominantly horizontal forces, and/or combinations thereof, 
imposed upon the structure in accordance with the applicable code. These elements 
typically fall into one of the following categories: (1) shear walls clad with face sheathings 
such as plywood, plasterboard or steel sheets; (2) CFS frame strap-braced wall systems; 
(3) some frame-connection systems such as special bolted moment frames; (4) podium-
type structures, where a complete load bearing CFS light-frame is built atop lower levels of 
other structures; and (5) mixed (hybrid) systems where CFS joists, trusses, and load-bearing 
walls are used for the primary gravity system, while shear walls, brace frames or moment 
frames are used for the transferring the lateral loading. Determination of an appropriate 
shear wall system for a given building depends on architectural and structural 
considerations. Moreover, other factors like the hold-downs, shear bolts, strap anchorage 
details (for example gusset plates), and bearing of panels on the foundation beam may also 
influence the overall lateral resistance of the CFS shear walls [16]. 
This chapter reviews research developments related to the above-mentioned categories (1) 
through (3). The two latest categories, i.e. podium-type structures and mixed systems are 
beyond the scope of this study, as the CFS does not play an important role in those systems.  
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2.2 Strength of CFS members 
According to AS/NZS 4600 [13], axial and bending capacity of thin-walled, cold-formed steel 
members require consideration of three different elastic buckling modes and loads (being 
local, distortional, and global/flexural-torsional buckling). Two different methods, Effective 
Width Method (EWM) and Direct Strength Method (DSM), are available for the determination 
of the nominal CFS member capacity, which are described comprehensively in section 2.1.1 
and 2.1.2.   
The DSM is based on the studies of Schafer [18]. DSM formula does not cover inelastic 
bending reserve, but experimental results show that some inelastic bending capacity exists 
in cold-formed steel beams, despite their fundamentally thin-walled nature [17]. It also does 
not fully support design under combined loading, e.g. axial and bending combined. 
In order to obtain the nominal member capacity using either of the two methods of EWM 
and DSM, it is necessary to calculate the critical elastic buckling stresses for different 
buckling modes. AS/NZS4600:2005 standard [13] provides formulae for the determination 
of the initial critical elastic buckling, but designers are also allowed to calculate those from 
a rational elastic buckling analysis alternatively. Several software programs are available 
commercially that are based on the Finite Strip Method (FSM) using which these critical 
elastic buckling loads can be calculated. CUFSM is one such software developed by Ben 
Schafer and Zhahjie Li and is freely available for use [18]. 
Cold-formed steel structural members are commonly provided with holes to accommodate 
plumbing, electrical, and heating conduits in the walls and ceilings of buildings. These holes 
are typically pre-punched perforations located in the web of C or Z sections.  Men et al. [19, 
20] based on experimental tests, proved that holes caused only a slight decrease in the 
ultimate compressive strength of the tested columns and as such this issue has not formed 
part of the current research. 
CFS members possess substantial inelastic and post buckling strength. Azhari et al. [21-25] 
extensively studied the inelastic local buckling of thin-walled members and derived the 
inelastic capacity for different plate shapes. Geometric imperfection and residual stress can 
significantly affect the capacity of CFS members. Based on comprehensive experimental 
studies, Schafer et al. [26-29], suggested an analytical formula for the initial geometric 
imperfection of different parts of CFS C-sections and provided a set of guidelines for 
computational modelling of residual stresses. 
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2.1.1 Effective Width Method (EWM) 
The EWM is based on reducing the width of plate elements that are susceptible to local 
buckling prior to yield. When a plate undergoes compression, it may buckle locally and move 
into the post buckling state in which the extent of deformation in the plate depends on the 
extent of external stresses. 
The extent of local buckling across width of the plate depends on the two transversal 
boundary conditions. As illustrated in Figure 2-1, due to local buckling, the width of the plate 
is subjected to a nonlinear stress distribution. To simplify the stress distribution, in the 
effective width method, it is assumed that instead of the whole plate being under nonlinear 
stress distribution, a portion of the plate is under a uniform yield stress. The portion of the 
loss in the plate effectiveness is based on the equilibrium in the plate section under a 
simplified stress distribution as opposed to a full plate with the actual nonlinear longitudinal 
stress distribution. EWM is an approximate method and in it, the variation in stress through 
the thickness of the plate as well as stress variation along the length of the plate is ignored. 
Further, in this method, inter-element compatibility for a section composed of different plate 
elements is not considered unless a rational buckling analysis in performed in conjunction 
with the EFM.  
 
                       𝐟𝐲                       𝐟𝐲                                𝐟𝐲                  fy 
Figure 2-1: Schematic sketch of Effective Width Method 
 
Calculation of the effective width is based on Von Karman formula [30], where the critical 
buckling stress (Eq.(2-2)) is equated to the yield stress occurring over the effective width 
(Eq.(2-1)). This way the effective width can be calculated as Eq. (2-3). 
𝒇𝒚 =  
𝒌𝝅𝟐𝑬
𝟏𝟐 (𝟏 − 𝝑𝟐)
(
𝒕
𝒃𝒆
)𝟐 
(2-1) 
𝒇𝒐𝒍 =  
𝒌𝝅𝟐𝑬
𝟏𝟐 (𝟏 − 𝝑𝟐)
(
𝒕
𝒃
)𝟐 
(2-2) 
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𝒃𝒆
𝒃
=  √
𝒇𝒐𝒍
𝒇𝒚
 
(2-3) 
Based on his experimental studies, Winter [31, 32] modified Von Karman’s Formula for 
stiffened (Eq. (2-4)) and unstiffened compression elements (Eq. (2-5)). 
𝒃𝒆
𝒃
=  √
𝒇𝒐𝒍
𝒇𝒚
 (𝟏 − 𝟎. 𝟐𝟐 √
𝒇𝒐𝒍
𝒇𝒚
) 
(2-4) 
𝒃𝒆
𝒃
=  𝟏. 𝟏𝟗√
𝒇𝒐𝒍
𝒇𝒚
 (𝟏 − 𝟎. 𝟐𝟗𝟖 √
𝒇𝒐𝒍
𝒇𝒚
) 
(2-5) 
AS/NZS4600[13], however, recommends Eq. (2-4) for both stiffened and unstiffened 
compression elements. 
The area reduction based on the effective width depends on the part that locally buckles. 
These are different as follows:  
For the uniformly compressed stiffened elements, the location of the lost portion shall be 
taken at the middle of the element (Figure 2-2 (a)). For the elements with an edge stiffener, 
the location of the lost portion shall be as shown in Figure 2-2 (b). For stiffened elements 
under stress gradient or where only a part the element is in compression, the location of the 
lost portion shall be as shown in Figure 2-2 (c). For elements with an edge stiffener, the 
location of the lost portion shall be as shown in Figure 2-2 (d). 
Following the evaluation of the effective width, the calculation of the nominal capacity of 
CFS member that is subjected to axial force and bending is as follows: 
  
Member subjected to axial force 
The nominal capacity of a CFS member under axial force is the minimum of the nominal 
section capacity (𝐍𝐬) (Eq.(2-6)) and nominal member capacity (𝐍𝐜) (Eq.(2-7)): 
 
Nominal section capacity in compression: 
𝐍𝐬  = nominal section capacity of the member in compression 
     = 𝐀𝐞 𝐟𝐲 (2-6) 
𝐀𝐞 = effective area at yield stress (𝐟𝐲) 
 
Nominal member capacity in compression: 
𝐍𝐜 = nominal member capacity of the member in compression 
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     =  𝐀𝐞 𝐟𝐧 (2-7) 
𝐀𝐞 = effective area at the critical stress (𝐟𝐧) 
𝐟𝐧 =critical stress, and shall be determined from Eq. (2-8) or Eq. (2-9), as appropriate 
 For λc  ≤  1.5:  𝐟𝐧 = (𝟎. 𝟔𝟓𝟖
𝛌𝐜
𝟐
 )𝐟𝐲  (2-8) 
 For λc  > 1.5:   𝐟𝐧 = (
𝟎.𝟖𝟕𝟕 
𝛌𝐜
𝟐  )𝐟𝐲 (2-9) 
where, 
 λc = non-dimensional slenderness used to determine 𝐟𝐧  
 
    =√
𝐟𝐲
𝐟𝐨𝐜
 
(2-10) 
   𝐟𝐨𝐜 = least of the elastic flexural, torsional and flexural-torsional buckling stress  
𝐟𝐨𝐜 depends on the member bracing and its section configuration. 
 
Member subjected to bending 
The design bending moment (𝐌∗) of a flexural member shall satisfy the following: 
𝐌∗  ≤  
𝐛
 𝐌𝐬, and (2-11) 
𝐌∗  ≤  
𝐛
 𝐌𝐛 (2-12) 
where 

𝐛
 = capacity reduction factor for bending 
𝐌𝐬 = nominal section moment capacity that can be based on initiation of yielding or inelastic 
reserve capacity (while meeting some conditions).  
𝐌𝐛 = nominal member moment capacity that only depends on the mode of buckling. Thus, 
the capacity of member subject to lateral buckling and distortional buckling must be 
calculated.  
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(a) (b) 
 
 
(c) 
 
(d) 
Figure 2-2: The location of reduced width in effective width method [13] 
 
Nominal section moment capacity: 
Based on the initiation of yielding, the nominal section moment capacity (𝐌𝐬) shall be 
determined as follows: 
    𝐌𝐬 = 𝐙𝐞 𝐟𝐲 (2-13) 
where, 𝐙𝐞 is the effective section modulus calculated with the extreme compression or 
tension fiber at 𝐟𝐲. 
 
Nominal member moment capacity (subject to lateral buckling): 
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   𝐌𝐛 = 𝐙𝐜 𝐟𝐜 (2-14) 
𝐙𝐜 = effective section modulus calculated at a stress 𝐟𝐜 in the extreme compression fiber 
   𝐟𝐜 = 𝐌𝐜 𝐙𝐟⁄  (2-15) 
𝐌𝐜 = critical moment 
𝐙𝐟 = full unreduced section modulus for the extreme compression fibre. 
The critical moment (𝐌𝐜) shall be calculated as follows: 
   For 𝛌𝐛  ≤  𝟎. 𝟔 𝐌𝐜 = 𝐌𝐲 (2-16) 
   For 𝟎. 𝟔 <  𝛌𝐛  <  𝟏. 𝟑𝟑𝟔 
𝐌𝐜 = 𝟏. 𝟏𝟏 𝐌𝐲(𝟏 −
𝟏𝟎 𝛌𝐛
𝟐
𝟑𝟔
) 
(2-17) 
   For 𝛌𝐛  ≥  𝟏. 𝟑𝟑𝟔 𝐌𝐜 = 𝐌𝐲 (
𝟏
𝛌𝐛
𝟐) 
(2-18) 
where, 
   𝛌𝐛 = √
𝐌𝐲
𝐌𝟎
 
(2-19) 
   𝐌𝐲 = 𝐙𝐟𝐟𝐲 (2-20) 
𝐌𝟎  = elastic buckling moment 
𝐌𝟎 can be determined according to the standard provisions or a rational elastic buckling 
analysis. 
 
Nominal member moment capacity (subject to distortional buckling): 
The cross section of the CFS C-section can distort in two different shapes. 1) rotation of its 
flange and lip about the flange/web junction and 2) transverse bending of its vertical web 
with lateral displacement of the compression flange. Every mode of distortion has a specific 
equation that is presented in AS/NZS4600[13]. 
 
2.1.2 Direct Strength Method (DSM) 
The Direct Strength Method (DSM) was formally adopted in CFS design standards as an 
alternative to the traditional Effective Width Method. It is clear from Equations                                                  
(2-21) - (2-45) that accurate member elastic stability analysis is necessary to be performed 
before the Direct Strength Method can be utilized. 
In the Direct Strength Method, the nominal member capacity in compression (𝐍𝐜) shall be 
taken as the minimum of the nominal member capacity in compression (𝐍𝐜𝐞) for flexural, 
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torsional or flexural-torsional buckling, (𝐍𝐜𝐥) for local buckling and (𝐍𝐜𝐝) for distortional 
buckling.  
 
Member capacity in compression for flexural, torsional or flexural-torsional buckling: 
For 𝛌𝐜  ≤  𝟏. 𝟓:  𝐍𝐜𝐞 = (𝟎. 𝟔𝟓𝟖
𝛌𝐜
𝟐
 )𝐍𝐲                                                   (2-21) 
For 𝛌𝐜  > 𝟏. 𝟓:   𝐍𝐜𝐞 = (
𝟎.𝟖𝟕𝟕 
𝛌𝐜
𝟐  )𝐍𝐲                                                  (2-22) 
where 
𝛌𝐜 = √𝐍𝐲 𝐍𝐨𝐜⁄  
(2-23) 
𝐍𝐨𝐜 = 𝐀𝐟𝐨𝐜 (2-24) 
𝐍𝐲 = 𝐀𝐟𝐲 (2-25) 
 
Member capacity in compression for local buckling: 
For 𝛌𝐥  ≤  𝟎. 𝟕𝟕𝟔 :  𝐍𝐜𝐥 = 𝐍𝐜𝐞   (2-26) 
For 𝛌𝐥  >  𝟎. 𝟕𝟕𝟔 : 𝐍𝐜𝐥 = (𝟏 − 𝟎. 𝟏𝟓 (
𝐍𝐨𝐥
𝐍𝐜𝐞
)
𝟎.𝟒
) (
𝐍𝐨𝐥
𝐍𝐜𝐞
)𝟎.𝟒𝐍𝐜𝐞 
(2-27) 
where, 
𝛌𝐥 = √𝐍𝐜𝐞 𝐍𝐨𝐥⁄  (2-28) 
𝐍𝐨𝐥 = 𝐀𝐟𝐨𝐥 (2-29) 
 
Member capacity in compression for distortional buckling: 
For 𝛌𝐝   ≤  𝟎. 𝟓𝟔𝟏:  𝐍𝐜𝐝 = 𝐍𝐲 (2-30) 
For 𝛌𝐝  >  𝟎. 𝟓𝟔𝟏: 𝐍𝐜𝐝 = (𝟏 − 𝟎. 𝟐𝟓 (
𝐍𝐨𝐝
𝐍𝐲
)𝟎.𝟔) (
𝐍𝐨𝐝
𝐍𝐲
)𝟎.𝟔𝐍𝐲 
(2-31) 
where 
𝛌𝐝 = √𝐍𝐲 𝐍𝐨𝐝⁄  
(2-32) 
𝐍𝐨𝐝 = 𝐀𝐟𝐨𝐝 (2-33) 
 
Similarly, the nominal member moment capacity (𝐌𝐛) shall be taken as the minimum of the 
nominal member moment capacity (𝐌𝐛𝐞) for lateral-torsional buckling, (𝐌𝐛𝐥) for local 
buckling and (𝐌𝐛𝐝) for distortional buckling, and these in turn calculated as per below. 
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Member capacity subject to bending for lateral-torsional buckling: 
For  𝐌𝟎  <  𝟎. 𝟓𝟔 𝐌𝐲 𝐌𝐛𝐞  =  𝐌𝟎 (2-34) 
For  𝟐. 𝟕𝟖 𝐌𝐲 ≥  𝐌𝐨 ≥  𝟎. 𝟓𝟔 𝐌𝐲 𝐌𝐛𝐞 =
𝟏𝟎
𝟗
 𝐌𝐲(𝟏 −
𝟏𝟎𝐌𝐲
𝟑𝟔𝐌𝐨
) (2-35) 
For  𝐌𝟎  >  𝟐. 𝟕𝟖 𝐌𝐲 𝐌𝐛𝐞  =  𝐌𝐲 (2-36) 
where, 
𝐌𝟎 = elastic lateral-torsional buckling moment 
  𝐌𝐲  =  𝐙𝐟 𝐟𝐲 (2-37) 
𝐙𝐟 = full section modulus of the extreme fibre at first yield 
 
Member capacity subject to bending for local buckling: 
  For  𝛌𝐥  ≤  𝟎. 𝟕𝟕𝟔:  𝐌𝐛𝐥  =  𝐌𝐛𝐞 (2-38) 
  For  𝛌𝐥  >  𝟎. 𝟕𝟕𝟔:  𝐌𝐛𝐥 = [𝟏 − 𝟎. 𝟏𝟓 (
𝐌𝐨𝐥
𝐌𝐛𝐞
)𝟎.𝟒] (
𝐌𝐨𝐥
𝐌𝐛𝐞
)
𝟎.𝟒
𝐌𝐛𝐞 
(2-39) 
where, 
𝛌𝐥 = √𝐌𝐛𝐞 𝐌𝐨𝐥⁄  (2-40) 
𝐌𝐨𝐥 = 𝐙𝐟 𝐟𝐨𝐥 (2-41) 
 
Member capacity subject to bending for distortional buckling: 
For  𝛌𝐝  ≤  𝟎. 𝟔𝟕𝟑:  𝐌𝐛𝐝  =  𝐌𝐲 (2-42) 
For  𝛌𝐥  >  𝟎. 𝟔𝟕𝟑:  𝐌𝐛𝐥 = [𝟏 − 𝟎. 𝟐𝟐 (
𝐌𝐨𝐝
𝐌𝐲
)𝟎.𝟓] (
𝐌𝐨𝐝
𝐌𝐲
)
𝟎.𝟓
𝐌𝐲 
(2-43) 
where, 
𝛌𝐝 = √𝐌𝐲 𝐌𝐨𝐝⁄  
(2-44) 
𝐌𝐨𝐝 = 𝐙𝐟 𝐟𝐨𝐝 (2-45) 
 
The open access CUFSM program can be used to perform the elastic buckling analysis of 
thin-walled members (section 3.2.1). The program uses the Finite Strip Method (FSM) to 
perform the analysis. It is further elaborated in Section 3.2.2. 
 
 Load bearing capacities of sheathed CFS panels 
CFS panels that have neither braces nor cladding attached, do not possess much shear 
resistance and as such only sheathed CFS panels are discussed here in this section. 
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Sheathing can provide adequate bracing for axial load bearing CFS stud walls. In sheathed 
wall systems, major-axis stability of studs is supported by the out-of-plane stiffness of the 
sheathing at the stud-to-sheeting fastener locations. CFS sheathed panel systems include 
CFS frames sheathed with wood structural panels, steel sheet, gypsum board etc. The 
sheathings usually have adequate strength and stiffness to resist shear in its plane, and can 
act as a web, in resisting in-plane shear. 
Lateral design provisions for cold-formed steel shear wall structures was first introduced in 
the release version of Uniform Building Code in 1997 [33]. Extensive research, testing and 
analysis led to substantial progression in the lateral design provisions for CFS framing as 
reflected in the 2004 American Iron and Steel Institute Standard for Cold-Formed Steel 
Framing-Lateral Design (AISI, 2004). Nowadays, there are several provisions for lateral 
design of CFS frames, such as FEMA-450 [34], TI 809-07 [35], ASCE 7 [36], which refers 
to AISI standards for lateral design [1, 37-46], AS/NZS 4600 [13] and IBC [10]. AISI S240-
15 [41](covering structural systems) and AISI S400-1 [43](covering seismic force resisting 
systems) have evolved from older AISI standards: S110, S200, S210, S211, S212, S213 
and S214. 
While this thesis revolves around gypsum board sheathed CFS panels, those sheathed with 
other materials such as steel and wood are briefly discussed to highlight the differences and 
similarities with that of gypsum board.  
 
2.2.1 In-plane Capacity of sheathed CFS panels 
Steel sheathed CFSP 
Use of steel sheets as sheathing material for CFS wall frames has gained popularity in the 
building construction due to its relatively higher shear resistance, high ductility, non-
combustibility and harmony with current construction approach for in erecting light steel 
frames. In general, the use of closely spaced sheathing panel fasteners and thicker panels 
leads to a higher shear resistance if the stud members are designed to carry the additional 
force. Nominal shear strength values for the steel sheets with a thickness of 0.46 mm to 
0.84 mm together with framing thickness and various screw spacing are presented in AISI 
S400-15 [47] (Table 2-1), inspired by the works of Yu and Chen [48-50]. 
AISI Standard S100 from the 2004 version onward provides nominal shear strength for a 
limited range of steel-sheathed CFS panel configurations. In 2007, a research project report 
that was based on both monotonic tests and reversed cyclic tests was published [51] in 
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which a new configuration was added to the previous sheathed CFS panel configurations of 
AISI. The AISI S100-07 code regulation [37] in regards to steel sheathed panel was mainly 
disseminated based on this research report.  
Table 2-1: Nominal shear strength per unit length for one side steel sheathing shear wall 
[47] 
U.S. and Mexico (lb/ft) 
Assembly 
description 
Max 
aspect 
ratio 
(h:w) 
Fastener spacing at panel 
edges (in.) 
Stud 
blocking 
required 
Designation 
thickness of 
stud, track 
and stud 
blocking 
(mils) 
Minimum 
sheathing 
screw size 6 4 3 2 
0.018" steel sheet 2:1 390 - - - No 33 (min.) 8 
0.027" steel sheet 
2:1 - 1000 1085 1170 No 43 (min.) 8 
2:1 647 710 778 845 No 33 (min.) 8 
0.030" steel sheet 
2:1 910 1015 1040 1070 No 43 (min.) 8 
2:1 - - - 1355 Yes 43 (min.) 10 
0.033" steel sheet 
2:1 1055 1170 1235 1305 No 43 (min.) 8 
2:1 - - - 1505 Yes 43 (min.) 10 
2:1 - - - 1870 No 54 (min.) 8 
2:1 - - - 2085 Yes 54 (min.) 10 
Canada (kN/m) 
Assembly 
description 
Max 
aspect 
ratio 
(h:w) 
Fastener spacing at panel 
edges (mm) 
Stud 
blocking 
required 
Designation 
thickness of 
stud, track 
and stud 
blocking 
(mils) 
Required 
sheathing 
screw size 150 100 75 50 
0.46 mm steel sheet 2:1 4.1 - - - No 33 (min.) 8 
0.46 mm steel sheet 2:1 4.5 6 6.8 7.5 No 43 (min.) 8 
0.68 mm steel sheet 2:1 6.5 7.2 7.9 8.7 No 33 (min.) 8 
0.76 mm steel sheet 4:1 8.9 10.6 11.6 12.5 No 43 (min.) 8 
0.84 mm steel sheet 4:1 10.7 12 13 14 No 43 (min.) 8 
0.46 mm steel sheet 2:1 7.4 9.7 11.6 13.5 Yes 43 (min.) 8 
0.76 mm steel sheet 2:1 11.7 14.3 - - Yes 43 (min.) 8 
0.76 mm steel sheet 2:1 - - 19.9 23.3 Yes 54 (min.) 8 
 
 
Other researchers proved that the code must be modified, as some issues were not 
considered or were objectionable. For instance, DaBreo et al. [52-54] showed that the 
strength of the framing member and the existence of blocking significantly influences the 
response of the panel. They performed displacement-based loading tests on single-storey 
steel sheathed CFS panels with various configurations (framing thickness, sheathing 
thickness, screw fastener detailing, aspect ratio and the framing reinforcement) and found 
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that even though use of closely spaced sheathing panel fasteners and thicker panels lead 
to higher shear resistance, the stud members have to be designed to carry the additional 
force. Also, when the framing members were not blocked, tension field forces in the 
sheathing resulted in significant damage to the chord studs. 
The natural period of sheathed CFS panels was obtained by Shamim et al. [55] through 
experiments but was found to be inconsistent with the AISI and NRCC code specifications 
[56]. Their experiments were by means of dynamic shaker table tests and the obtained 
natural period for the single-story panel was twice that of the code provision. The main 
reason for this difference was due to the lower shear stiffness of the steel sheathed CFS 
panels in comparison with reinforced concrete walls, which were the main source of 
information in the development of the code-recommended fundamental period of 0.05h
3
4⁄ .  
To simplify the calculation of the lateral in-plane capacity of steel sheathed CFSP, Yanagi 
et al. [57] proposed the “effective strip model” and provided a rational foundation for 
developing closed-form equations for calculating the nominal lateral strength of CFS shear 
panels sheathed with steel. Their proposed effective strip width method provided the 
strength of the sheathed panel as a function of the thicknesses and tensile strength of the 
framing and sheathing materials, fastener spacing, and the panel’s aspect ratio. Therefore, 
they could approximately simulate the steel sheathing brace with strap bracing panels. 
Previously, Berman et al. [58] compared the stiffness, ductility and energy dissipation of X-
strap braced and steel plate sheathed CFS panels. They performed the tests according to 
the ATC-24 [59] testing protocol. The initial stiffness of X-braced panel was found to be 
higher while its ductility was lower. They found that the energy dissipation was similar for 
both systems.  
Ronagh et al. [60] conducted an experimental investigation on CFS frames sheathed by thin 
galvanized steel plates, under cyclic loading with different configurations of studs and 
screws. According to the test results, they suggested an increase in the AISI’s R factor from 
6.5 to 7 for these frames. They also concluded that decreasing the screw spacing from 
150 mm to 100 mm enhanced the shear resistance capacity by around 16–18% in the single 
end studs. No enhancement was seen for panels with double studs at the end. Yet, further 
decrease in screw spacing (from 150 mm to 75 mm) in the quarter of the length of boundary 
studs did not result in a notable effect on shear resistance.  
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Wood sheathed CFS panels 
European Convention for Construction Steelwork (ECCS) [61] published testing procedure 
for evaluating the lateral performance of CFS panels under cyclic loading. Kawai [62], Fulop 
and Dubina [63, 64], Landolfo [65] and Chen [66, 67] performed a number of comprehensive 
experimental investigations on the seismic response of OSB sheathed CFS panels both 
under monotonic and cyclic loading to evaluate the lateral stiffness, yield strength and 
ultimate strength of these panels. The distinct failure mode of the OSB sheathed panels was 
observed to be the combination of pull-through of the screws in the wood sheathing, tearing 
of the sheathing edge, and wood bearing – plus shear failure as shown in Figure 2-3). 
   
(a) (b) (c) 
Figure 2-3:  Typical OSB sheathing-to-CFSP connection failure modes: (a) pull through; (b) tear 
out – bearing – plug shear; (c) bearing [66]. 
 
In most instances, neither the screw fastener nor the CFS panel was damaged which are 
the dominant factors that govern the lateral performance of gypsum sheathed CFS panels 
as will be explained next. 
Also, the influence of the openings such as door and windows on initial stiffness, first yield 
and ultimate racking load was investigated by Doudak and Smith [68] and found that racking 
tests are very sensitive to even minor alterations in the boundary conditions. 
The nominal shear strength of shear walls constructed with structural sheathing and oriented 
strand board with a variety of fastener spacing, as well as stud and track thickness is given 
in AISI S400 [43]. However, it has been shown that the lateral performance of CFS framed, 
wood-sheathed walls are dominated by the local response of the sheathing-to-steel 
connections. This is mainly because of the complex interaction that exists between the 
fastener and the sheeting that are connected together and is considered highly variable [69]. 
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AISI S400 [43] sets out design requirements for Type I and Type II shear walls with wood 
structural panels, where Type I shear walls are fully sheathed with hold-downs at each end 
but are allowed to have openings where detailing is provided for force transfer around the 
openings; while Type II shear walls are allowed to have openings without specific details for 
force transfer around openings. In either case, all sheathing edges are required to be 
attached to framing members or panel blocking, which is used to transfer shear between 
adjacent panels. Expected strength of this system is subject to uncertainties such as 
construction techniques and/or variability in timber materials that can be accounted for by 
appropriate strength reduction factors. The basis of design of wood based structural panel 
shear walls matches the procedures for steel sheathed shear walls. 
Table 2-2: Nominal shear strength per unit length for one side wood sheathing shear 
wall [43] 
U.S. and Mexico (lb/ft) 
Assembly description 
Max 
aspect 
ratio 
(h:w) 
Fastener spacing at panel 
edges (in.) 
Designation 
thickness of 
stud, track and 
stud blocking 
(mils) 
Minimum 
sheathing 
screw size 6 4 3 2 
15/32" Structural 1 
sheathing (4-ply) 
2:1 780 990 - - 33 or 43 8 
2:1 890 1330 1775 2190 
43 or 54 8 
68 10 
7/16" OSB 
2:1 700 915 - - 33 8 
2:1 825 1235 1545 2060 43 or 54 8 
2:1 940 1410 1760 2350 54 8 
2:1 1230 1850 2310 3080 68 10 
Canada (kN/m) 
Assembly description 
Max 
aspect 
ratio 
(h:w) 
Fastener spacing at panel 
edges (mm) 
Designation 
thickness of 
stud, track and 
stud blocking 
(mils) 
Required 
sheathing 
screw size 
150 100 75   
9.5 mm CSP sheathing 2:1 8.5 11.8 14.2 43 (min.) 8 
12.5 mm CSP sheathing 2:1 9.5 13 19.4 43 (min.) 8 
12.5 mm DFP sheathing 2:1 11.6 17.2 22.1 43 (min.) 8 
9 mm OSB 2R24/W24 2:1 9.6 14.3 18.2 43 (min.) 8 
11 mm OSB 
1R24/2F16/W24 
2:1 9.9 14.6 18.5 43 (min.) 8 
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Gypsum board sheathed CFS panels 
Use of gypsum boards has been on the rise reaching nearly 8 billion square meters in 2015. 
They are used to cover partitions, wall lining and false ceilings. Gypsum board is composed 
of a gypsum core encased in, and firmly bonded to paper liners to form flat rectangular 
boards. Gypsum boards are used to cover both structural and nonstructural walls. They are 
screwed either to the flanges of CFS studs or to timber studs.  
One of the requisite data for numerical modelling of gypsum sheathed CFS components is 
the mechanical properties of gypsum board. The modulus of elasticity and 
tensile/compressive strength [70] and also the out-of-plane seismic performance of gypsum 
board [71] with different thicknesses and of different types in accordance with ASTM-C473-
15 [72] had been assessed experimentally. 
Researchers started experimental studies on evaluating the contribution of gypsum board 
to the racking strength and stiffness of timber panel structures from 1980’s [73, 74]. The 
evaluation there is somehow simpler than the evaluations of the same contribution in cold-
formed steel panels. The reason is that in CFS panels sheathed with gypsum board, the 
sheathing not only provides racking resistance of its own but also restricts the buckling of 
steel studs to a great extent and as such affects their load bearing capacity [75-78]. In the 
literature, one can find the experimental and also analytical rotational and shear stiffness 
contributions of gypsum sheathing in a CFS panel under racking load [79]. In 1996, Serrette 
et al. [80] compared the gypsum board sheathing with strap bracing. It was found that 
gypsum board attached to the panel creates a stiff, in-plane shear, lateral resistance. For 
instance, the shear strength of a  2440mm*2440mm CFS panel sheathed with 12.5mm 
gypsum board on both sides is 2.38 times stronger than the same panel with 154.2mm X-
strap bracing. Similarly, Gad et al. [81, 82] proved that plasterboard fixed as a non-structural 
component provides higher stiffness, load carrying capacity and damping than strap braces 
as long as the panel’s overturning is controlled. The influence of opening in the panels in 
cyclic loading shear resistance has also been investigated [83-85] but will not be discussed 
here as it is outside the scope of the study.  
It is well worth mentioning that, the same is true for axial load enhancement when a CFS 
panel is sheathed with gypsum board as individual studs of the panel will be considerably 
stronger due to buckling restrictions provided by the gypsum board; however, the gypsum 
board itself will not contribute much to the axial loads. Wang et al., [86] were the only 
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researchers who studied the axial contribution of gypsum board sheathing for a specific 
panel configuration by means of measuring the strain/stress distributions in each 
component. The result showed that it was negligible. Recently Vieira [87] performed axial 
loading of gypsum sheathed CFS panels and subsequentally modeled the panels 
numerically. In the model, the fastener and the gypsum board were modelled as a spring. 
The spring stiffness obtained based on their previous study [88] and the numerical model 
showed good correlation with experimental results. The current Australian Standard for 
Cold-Formed Steel Structures AS/NZS 4600 [13] only considers the lining material to 
provide lateral and rotational supports to increase the strength of CFS members under axial 
and bending loading.  
Recently, more investigations on the structural effects of gypsum board are performed. Peck 
et al. [89] studied the seismic response of gypsum sheathed CFS panels monotonically and 
cyclically. They showed that the panels when subjected to cyclic load possess almost the 
same strength as those tested under monotonic load. They also showed that reducing the 
intermediate fastener spacing significantly enhances the unblocked panels’ capacity, but it 
has no positive effects on the blocked panels. Memari et al. [90] compared the performance 
of gypsum sheathed CFSP with gypsum sheathed timber panels. Based on the failure 
modes observed, they concluded that the source of higher strength of gypsum sheathed 
timber panels is the existence of the more rigid connection between the gypsum board and 
the timber in contrast to the gypsum board and the steel stud. They expected that if a heavier 
gauge steel stud were used to increase the rigidity of the gypsum board to stud connections, 
a higher lateral load capacity would result. Also, they observed that based on envelope 
curves, the peak-load capacity for gypsum sheathed timber panels specimens occurred at 
a drift at least eight times the serviceability allowable drift of H/400 and approximately at the 
ultimate allowable drift of 0.02H. For gypsum sheathed CFSP, the peak load occurred at a 
drift at least three times the serviceability allowable drift of H/400 and at least 40% of the 
ultimate allowable drift value of 0.02H. 
Later, a real-scale 3D single storey experimental test and numerical study was performed 
by Gad et al. [81, 91] to determine the contribution of plasterboard. It was proved that lateral 
capacity of the wall was substantially improved by the contribution of plasterboard in contrary 
to the common wisdom that the ultimate capacity of two different lateral load bearing system 
is reached at different displacements. They showed that different factors affect the 
behaviour of CFS wall panels, including properties of frame (members’ material properties, 
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spacing, etc.); cladding (material, thickness and orientation, number of cladded sides, type 
and configuration of fasteners); bracings (material, type of bracing and member properties, 
fixity details and initial tension level); cladding and bracing interactions; aspect ratio (length 
to height ratio); boundary conditions (set corner joints, ceiling cornices, skirting boards and 
vertical loads); and size and location of openings. 
Formerly, Pan and Shan [92] presented a detailed study on the lateral performances of both 
calcium silicate board sheathed and unsheathed CFS. Three boards with different 
thicknesses were implemented, and it was observed that the ultimate lateral strength of the 
sheathed panels was much greater than the unsheathed one, and it increased with an 
increase in the board thickness. They reported that at small horizontal drifts, the wall system 
performed as a unit. However, at higher displacement, calcium silicate boards acted 
individually against horizontal forces as the result of screw deformation.  
 
2.2.2 Out-of-plane capacity of gypsum sheathed CFP panel 
Studies have been performed in the past in relation to the composite action between the 
gypsum boards and the steel studs in applications such as interior non-load bearing 
partitions. These partitions are only subjected to a uniform pressure/suction on either side. 
The maximum height that can be achieved is dependent on several factors such as the 
differential air pressure across the wall, stud size, stud thickness and type of gypsum board. 
Calculation of the limiting heights is governed by both the stiffness of the assembly and the 
ultimate strength. The stiffness is a serviceability requirement to limit the deformation of the 
panels at certain service loads. However, the strength limit state requires determination of 
a resistance factor, and an equivalent factor of safety in accordance with Chapter F of the 
AISI [37, 93]. Choi [94] developed experimentally based limiting heights for interior, non-
load bearing, gypsum sheathed CFSP of three different C-sections subjected to uniformly 
distributed out-of-plane pressure which one specification which later can be compared to 
this study is presented in Table 2-3. The tests was performed in accordance with ICC-ES 
AC86 [95], ASTM E72-10 [96] and AISI S916-15 [44]. Other studies were mostly performed 
for specific propriety systems [3-7]. 
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Table 2-3: Limiting height for 3.5” thickness wall with 12” stud spacing [94] 
Category Deflection limit 
Lateral pressure, psf 
5 7.5 10 15 
Experimental limiting 
height (ft) 
Deflection 
L/360 14.34 12.24 10.96 9.4 
L/240 16.6 14.34 12.81 10.96 
L/120 20.91 18.27 16.6 14.34 
Strength 
Flexure 20.65 16.86 14.38 11.12 
Shear/Web C. 35.13 23.42 17.56 11.71 
Horizontal shear 70.26 46.84 35.13 23.42 
Controlling 
limiting height 
L/360 14.34 12.24 10.96 9.4 
L/240 16.6 14.34 12.81 10.96 
L/120 20.65 16.86 14.38 11.12 
 
 
 In-plane capacities of Strap-braced CFS Panels 
Strap-braced walls resist lateral loads primarily through truss (axial) action by employing 
diagonal flat strap connected on one or both faces of the wall panel. Strap braced walls with 
high lateral strength can be designed using relatively wide, thick straps and/or some specific 
structural shapes. The response modification factor, deflection amplification factor and over-
strength factor proposed for CFS strap-braced wall systems, differ significantly from those 
for CFS wood structural panel or steel sheet shear walls [97]. Also, specific limitations on 
the strap connections are placed by codes to ensure that net section fracture of the tension 
straps does not occur prior to yielding of the strap gross cross-section. Providing an 
appropriate load path for transferring the strap load to the supports is also vital for preventing 
stud-to-track connection failure. 
Strap bracing is very common in CFS structures (Figure 2-4). Several studies have been 
performed to evaluate the lateral strength and ductility of strap braced panels. Adham et al. 
[98] showed that preventing the strap tearing and connection failure are two main factors 
which improve the lateral strength while can efficiently boost the dissipation of energy during 
the lateral cyclic displacement. Although an obvious conclusion, it was shown that by 
increasing the strap cross-sectional area, the load capacity of the panels increased while 
their deflection reduced. 
Moghimi and Ronagh [99, 100] tested four different strap braced CFSP sheathed with 
gypsum board under in-plane lateral loads. They used brackets at the four corners of the 
frames where the studs were connected to the tracks. The behaviour of the system 
improved, exhibiting higher strength and more stable hysteretic response under cyclic loads. 
The failure modes observed, however, were either the strap rupture at the location of tension 
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device or at the strap to bracket connection. Despite the superior performance over the 
normal strap bracing, the failure modes were not desirable. They also concluded that in 
presence of axial load, the gypsum board cladding alone is not laterally reliable. 
 
 
Figure 2-4:  Typical strap-brace CFS structure 
The ductility of strap-braced panels is obviously affected by the strap cross sectional area. 
Al-Kharat and Rogers [101, 102] experimentally studied three strap braced panels with 
different cross-sectional areas. They divided the specimens into light, medium and heavy 
groups. The heavy group failed due to local failure at the hold-down location while the main 
failure mode in the medium group was strap tearing, track buckling and track-to-chord 
connection failure. They concluded that by proper design, the ductile behaviour of the panels 
is attainable with the failure mode being the strap yielding. The findings proved that the R 
factor of 4 is not reliable especially for the heavy group and the R factor of 3 that is provided 
in ASCE7-05 [36] is more logical. 
Cyclic loading tests on a full-scale 3D single storey X-strap braced structure were employed 
[103, 104]. The studs section was 75x35x1mm and the straps are 25x1mm. They figured 
out that the dynamic properties of strap braced panel is not influenced by the type of 
connection between framing members. 
 The experimental study was conducted on racking performance of single and double X-
strap braced CFS panel and the results were implemented in theoretical study [105]. It was 
concluded that it is possible to accurately predict the lateral strength that were measured 
during testing. Also they figured out that the 2-side braced panel has almost two times 
racking capacity in comparison to one-side strapped panel. 
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AISI-S213 [1] clearly states that lateral capacity of combination of different types of bracing 
system is not equal to the sum of the capacity of individual systems. The main reason is 
lying in the differences in stiffness, failure load and drift of the individual systems that are 
combined. This conclusion is based on the different experimental, theoretical and analytical 
studies. In this regard, Serrette and Ogunfunmi [80] studied the effect of gypsum board on 
lateral capacity of strap-braced CFS panels and noted that although gypsum panels provide 
a significant increase in shear capacity of strap braced CFS panels but the use of gypsum 
panels and strap braces together is not practical. Also, they tested the panels with one-side 
and two-side strap braces and showed that the failure mode of the one-side strap bracing is 
not only unfavourable but also it does not present a ductile performance. 
Zeynalian [106] studied the lateral capacity of X-strap and K-strap braced in combination 
with fibre cement sheathing and confirmed the AISI proposition. Totally different results were 
achieved however by Kawai et al. [62] for lateral performance of strap braced panel in 
combination with gypsum sheathing board. Kawai concluded that the behaviour of the 
combined system was reasonably close to the behaviour of the two systems superimposed.  
 
 Load bearing capacities of concrete filled CFS panels 
The thermal bridging and fire resistance requirement are two major concerns in engineering 
design of a CFS structure. Previously, the aim of all studies in implementing the foam 
concrete in CFS structures was mainly improving the thermal and acoustic performance of 
the shear wall buildings and fire resistance performance of the CFS members in the walls.  
K. Ramamurthy et al. [107] presented a detailed study of the behaviour of foam concrete 
properties while Othuman-Mydin and Wang [108] filled the cavities of panel with lightweight 
foamed concrete as an insulator and showed a successful decrease in thermal conductivity 
and improvement of acoustic and fire resistance of the structure due to its porous internal 
structure. Othuman-Mydin also showed that beside the insulated effects of foam concrete, 
its confinement effects are remarkable [109].   
Later, Prabha et al. [110] and Hegyi et al. [111] investigated the confinement effect of 
concrete for CFS members in CFS panels under compression. Higher load-bearing capacity 
and ductility was observed. The axial deformation at failure is found to increase by 3 to 5 
times that plain foam concrete specimens and the failure is not sudden. 
The investigation on lateral performance of CFS panels acting compositely with concrete is 
more newly introduced. In 2017, the role of fibre cement board sheathing on increasing the 
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in-plane lateral capacity of light weight concrete filled cold-formed steel panels was 
investigated [112] and the reasonable racking capacity, 31 kN was achieved. Then the in-
plane lateral behaviour of expanded polystyrene concrete filling CFS panels sheathed with 
cellulose fiber cement board was performed [113]. Experimental tests showed that the 
panels with only sheathing had 22.2kN racking capacity. But the capacity increased 
considerably in present of light weigh concrete filling materials to 63.18kN. 
Most recently in 2018 the hysteretic behaviour of high-strength foam concrete filled CFS 
panels with straw board sheathing was studied [114]. It was concluded that combination of 
sheathing and filling the panels can efficiently increase the in-plane capacity of the shear 
wall and with their proposed specification and configuration of shear wall, 40kN racking 
capacity was achieved. 
 
 Seismic response modification factor (R) of CFS structures 
The released energy of earthquake generates a large magnitude of forces in the structure 
and thus inelastic behaviour of the structure is expected when resisting these forces. Applied 
Technology Council (ATC), in 1978 [115] firstly published a report to simplify the inelastic 
behaviour of structure. They extended their study by introducing the term “seismic response 
modification factor” in 1995 [116]. The R factor is “ ... an empirical response reduction factor 
intended to account for damping, over-strength, and the ductility inherent in the structural 
system at displacements great enough to surpass initial yield and approach the ultimate 
load displacement of the structural system” [117]. 
Research was performed in order to determine the R factor of strap braced CFS panels and 
in parallel increase the ductile behaviour of strap braced CFS panels by Moghimi et al. [99, 
100] and Lee at al. [118]. They attempted to achieve a well-designed lateral bracing wall 
strap braced CFS panels that carries large inelastic deformation without collapse. 
Also, it is worth noting that available world-wide standards of Cold-Formed Steel structures 
have different provisions for considering the R factor. For Example, the United States and 
Mexico (AISI-S213[1]) specify the R factor equal to or less than 3, while in Canada it is taken 
as being equal to or less than 2 for sheathed shear walls, and equal to or less than 1.625 
for diagonal strap braced walls. FEMA 450 [14] prescribes 4 for diagonal strapping and UBC 
[15] prescribes 2.8 for the same lateral resisting system, while the Australian cold-formed 
steel structures standard, AS/NZS 4600 [13], suggests that R factor should not be 
considered greater than 2. 
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 Introduction 
Current standard specifications propose [13, 37] two principle methods to calculate the 
strength of CFS components. The methods will be illustrated in Section 3.2. In both methods, 
strength calculations are based on the bare member capacity.  
When CFS panels are clad with gypsum board, Oriental Strand Board (OSB) or Fiber 
Cement sheeting, their strengths increases considerably. The board components 
significantly influence the performance of the walls in two ways. Firstly, the boards control 
the deflection and distortion of steel components and significantly restrain the buckling of 
members. Numerous studies have been performed on better understanding of this issue 
and the results were published [13, 37], which are briefly presented in Section 3.3. Secondly, 
they may act compositely with the CFS and thus further enhance the capacity. This is 
explained in Section 3.4. In addition, because that the serviceability of structure is also a 
criterion for design, in Section 3.5, the effects of the gypsum board on restraining the 
deflection of the CFS structures are also discussed. 
 
 Calculation the strength of bare and sheathed Cold-Formed Steel 
members 
CFS members are thin-walled and thus are susceptible to buckling. Therefore, the strength 
of CFS members are mostly governed by buckling. Instability of CFS members can occur in 
one of the three modes of buckling, namely local buckling, distortional buckling or lateral-
torsional (Euler) buckling. 
Local buckling is a major consideration in the design of slender sections, which is particularly 
prevalent and is characterized by the relatively short half wavelength of buckling of individual 
plate elements (Figure 3-1(a)). Local buckling is not associated with the failure of the 
member; it rather reduces the sectional capacity. The main effect of local buckling is to 
cause a redistribution of the longitudinal stress in which the greatest portion of the load is 
carried near the plate junctions. In addition, local buckling causes a shift of the effective 
centroid. 
Euler (lateral-torsional) buckling however is characterized by the occurrence of large 
transverse displacements and rotation about the member axis under bending about the 
major axis and is associated with the failure of the member. In Euler buckling, the cross-
section twists and deflects but the overall shape of the cross section remains undistorted 
(Figure 3-1 (c)).  
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Distortional buckling involves both translation and rotation at the compression flange/lip fold 
line of the member and involves web flexure (Figure 3-1 (b)). The wavelength of distortional 
buckling is intermediate between that of local buckling and lateral-torsional buckling.  
   
(a) (b) (c) 
Figure 3-1: Different buckling mode shape: (a) Local; (b) Distortional; (c) Flexural-torsional 
 
According to the Australian design code AS4600 [13], the two methods of Effective Width 
Method (EWM) and Direct Strength Method (DSM) can be used to determine the ultimate 
capacities of individual cold-formed steel members and are already available in literature 
and CFS standard specifications for designing CFS structures.  These are comprehensively 
described in section 2.1.1 and 2.1.2. 
The current strategy for the evaluation of panels’ capacity drops to the evaluation of the 
capacity of individual members composing the panel. The EWM involves a reduction of the 
width of the elements of a member’s cross-section that are susceptible to buckling prior to 
yield and is the older method between the two. It also allows the combination of bending 
and axial loads in the calculation of the combined effects. The DSM is the most recent 
method which is yet to find its way in all codes but is more accurate. The latter however 
does not allow combined loading calculations. As, EWM is based on trial and error, it 
requires cumbersome computation process. On the other hand, DSM depends upon 
performing elastic buckling stress, which must be performed by an analytical method. 
Therefore, it is a difficult task for civil engineers to calculate a CFS member capacity 
manually. Thus, a simple program is written in excel software to calculate the capacities for 
any chosen sectional dimensions for lipped and un-lipped C-section. This program is 
capable of quickly providing the section and member capacities under axial load and 
moment in both directions based on the EWM and DSM. The EWM section is user friendly 
and the only input datum needed to run the model are the section dimensions and material 
properties. The DSM section needs to be linked to the CUFSM software to get the elastic 
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critical moment or critical axial stresses as an input. So, the user must be professional in 
operating the CUFSM software. Front page of the program for calculating the strength of 
un-lipped C-section is shown in Figure 3-2 and for lipped C-section in Figure 3-3. This 
program can also be utilized to compare the out-of-plane capacity of sheathed studs (which 
will be explained in Section 3.3) with bare studs’ capacity to evaluate the effects of the 
gypsum board as a sheathing in restraining the CFS members and as a load bearing 
element. 
 
Figure 3-2:  Front page of the program for nominal strength calculation of CFS un-lipped C-section 
 
Figure 3-3:  Front page of the program for nominal strength calculation of CFS lipped C-section 
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In this program, the strength of CFS members is calculated based on EWM considering the 
sheathing effects. In “Bare CFS design” the actual length of the member is considered as 
the effective length of the member in all directions. To deal with the “Sheathed CFS design” 
the effective length of the member for buckling in Y and Z direction (considering X axes is 
in the direction of member’s length and Y is perpendicular to the web direction) can be 
reduced to the fastener spacing or twice of the fastener spacing, considering the sheathing 
stiffness, as it is discussed in Section 3.3. The program proved to be very handy in 
accomplishing the tasks of this study. 
 
3.2.1 CUFSM Program 
The program is designed for calculating elastic critical buckling load (𝐏𝐜𝐫) or elastic critical 
buckling moment (𝐌𝐜𝐫) of thin walled members. In this program, the cross section, boundary 
conditions, material properties, length and loading (which is uniform over the length) are 
defined by the user. The program can add constraints and springs on the nodes in the 
member’s section.  
CUSFM has been developed by Li and Schafer [18] and is available to the public free of 
charge. The latest version is 5 and applies to members with general end boundary 
conditions. Also, in this version, constrained Finite Strip Method (cFSM) is implemented. 
cFSM has the ability of decomposition of the different modes and leads to defining solutions 
for different buckling modes in isolation. It provides a measure of buckling mode interaction). 
The parameters needed in the analyses of elastic buckling stresses can best be found by 
the elastic buckling analysis based on Finite Strip Method (FSM). 
 
3.2.2 Finite Strip Method 
Finite strip method is a variant of the finite element method that has been put to highly 
effective use in the study of the stability of thin-walled structures and provides an incredibly 
powerful simplification to finite element method. In the finite element method, each thin plate 
component of the element is subdivided in two perpendicular directions along its width and 
length, while in the finite strip method the length divisions are avoided replacing those with 
a single strip with limited degrees of freedom. Therefore, the stability and stiffness matrices 
of the finite strip method are smaller in comparison to those of the finite element method. 
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The accuracy of the finite strip method relies on the proper displacement field initially 
assumed [119]. In the current program, the displacement of strips is divided into three parts: 
two in-plane displacement interpolations and one out-of-plane displacement interpolation. 
For interpolating any of the three displacement components, standard beam shape functions 
are employed in the longitudinal direction and one-dimensional shape functions in the 
transverse direction.  
  
 Modelling of sheathed CFS members 
To design CFS structures, two different approaches “Bare CFS design” and “Sheathed CFS 
design” are possible. The former only considers the strength of CFS component as 
explained in Section 3.2, while the latter considers the restraining role of the sheathing panel 
against buckling of CFS members. Sheathing of CFS panels with boards fastened to the 
CFS members affects the strength considerably as it provides a restraint against buckling 
at the location of fasteners (which are often either screws or blind rivets). This restraining 
effect increases the load bearing capacity of the component of resistance shared by the 
CFSP. Added to this, is the additional resistance provided by the sheathing boards, which 
often work as composites with the CFSP. Numerical investigations have also highlighted 
that distortional mode in comparison with the local mode has heightened imperfection 
sensitivity, lowers post-buckling capacity and the ability to control the failure mechanism 
even when the elastic buckling stress in the local mode is lower than the elastic buckling 
stress of the distortional mode [120]. Sheathing has a significant impact as an arrester of 
distortional buckling. Sheathing does not normally affect the local buckling resistance of the 
steel section as the practical fastener spacing is often larger than the local buckling half-
wavelength.  
Winter [31] was the first to determine the capacity enhancement of studs due to their 
attachment to sheathing. The method of calculation he proposed works slightly differently 
for beams and columns. 
 
3.3.1 Column bracing 
For a perfectly straight column with a discrete mid-height brace (βL), Timoshenko [121] 
showed that the ideal bracing stiffness 𝛃𝐢 which leads to the column buckle between brace 
points is 𝛃𝐢 =
𝟐 𝐏𝐞
𝐋𝐛
⁄  where 𝐏𝐞 =
𝛑𝟐𝐄𝐈
𝐋𝐛
𝟐⁄  (𝐄 is the modulus of elasticity, 𝐈 is the moment of 
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inertia and 𝐋𝐛 is the brace distance. Later, Winter [122] proved that not only adequate 
stiffness is required for the effective bracing of the column but also sufficient strength is 
needed according to the initial out-of-straightness of the column. It was shown that for a 
column with mid-height initial out-of-straightness, 𝚫𝟎, when the applied load is 95% of the 
buckling load, the deflection reaches 20𝚫𝟎. By increasing the bracing stiffness to 𝟐𝛃𝐢 and 
𝟑𝛃𝐢, the deflection (𝚫𝐓) reaches 2𝚫𝟎 and 1.5𝚫𝟎, respectively. Therefore, the brace must 
possess sufficient strength to bear the force equal to (𝚫𝐓-𝚫𝟎)𝛃𝐋. Winter, considering only 
flexural buckling, assumes based on rational analysis that the buckling length is equal to 
twice the fastener spacing (2a rule). The method is limited to studs that are sheathed with 
the same material on both sides. The simplified model of the studs with the lateral bracing 
springs is demonstrated in Figure 3-4. This model was used in all design methods between 
1962 and 2007. In 2007 the distortional buckling was also considered where it was assumed 
that the flexural buckling occurs along the length of the stud, but the distortional and torsional 
buckling length is 2a (a is the screw spacing). The prerequisite of the applicability of this 
approach is to make sure that sheathing can bear the axial load equal to 2% of the stud’s 
axial load. 
 
3.3.2 Beam bracing 
The effect of sheathing as beam bracing is much more complicated than column bracing. 
Yura [123] showed that moment gradient, brace location, load location and brace stiffness 
and number of braces play important roles on the beam capacity. For example, for a simply 
supported I-beam subjected to uniform moment, the center of twist is located at a point 
outside of the tension flange. Therefore, the top flange moves laterally much more than the 
bottom flange. Therefore, a lateral brace restricts twist best when it is located at the top 
flange. In case of torsional bracing, an effective torsional brace can only increase the 
buckling capacity about 50% above the unbraced case if no stiffener is used. 
Energy method can also be used to model the studs that are sheathed with cladding [124]. 
In this method, the stiffness of the sheathing board can be considered in the solution. Vieira 
[88, 125]  tested a number of sheathed studs with different configurations and found the 
rotational stiffness (𝐤𝛟), out-of-plane stiffness (𝐤𝐲) and translational (lateral) stiffness (𝐤𝐱) of 
the fastener-sheathing assemblies, which is presented in Eq. (3-1) to Eq. (3-10). In Figure 
3-5 the schematic sketch of stud with springs in the location of fastener is illustrated. 
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Figure 3-4: Simplified modelling of sheathed stud 
 
The rotational stiffness will be mobilized when the stud rotates against the sheathing 
inducing bending of the sheathing and local tilting of fastener. The local tilting stiffness of 
fastener is presented in Eq. (3-1). It is a function of stud thickness, t (in), and steel modulus, 
E (psi). The sheathing bending rigidity is based on sheathing stiffness, 𝐄𝐈𝐰, for different 
materials and grain orientations, and different tributary width, 𝐝𝐟 (Eq. (3-2)). In APA-D510C 
[126] (for OSB and plywood sheathing) and GA-235-10 [127] (for gypsum sheathing), the 
panel’s mechanical properties are defined and tabulated.   
 
Figure 3-5: The schematic sketch of a CFS C-section with the effect of sheathing as spring [88, 
125] 
58 
 
Since the panel and the fastener are similar to springs in series, the combined rotational 
stiffness is as given in Eq. (3-3).  
𝐤∅𝐜 = 𝟎. 𝟎𝟎𝟎𝟑𝟓 𝐄𝐭
𝟐 + 𝟕𝟓 (3-1) 
 
𝐤∅𝐰 =
(𝐄𝐈)𝐰
𝐝𝐟
 
(3-2) 
𝐤∅ =
𝟏
(
𝟏
𝐤∅𝐜
+  
𝟏
𝐤∅𝐰
)
 
(3-3) 
where, 
𝐝𝐟 = distance between fasteners 
(𝐄𝐈)𝐰 = additional bending rigidity contributed by the sheathing. 
If composite action between the member and sheathing is ignored: 
(𝐄𝐈)𝐰 = bending sheathing rigidity per APA-D510C [126] or GA-235-10 [127]. 
If composite action between the member and sheathing is included, then the additional 
bending rigidity shall be determined from a sheathed CFSP test using the same test 
configuration as ASTM-E72: 
   (𝐄𝐈)𝐰 =
𝟏
𝟐
((𝐄𝐈)𝐬𝐲𝐬𝐭𝐞𝐦 − (𝐄𝐈)𝐬𝐭𝐮𝐝) (3-4) 
where, 
(𝐄𝐈)𝐬𝐭𝐮𝐝 = major-axis bending rigidity of the stud 
(𝐄𝐈)𝐬𝐲𝐬𝐭𝐞𝐦 = major-axis bending rigidity of the tested sheathed CFSP 
 Depending on the test configuration employed 
   (𝐄𝐈)𝐬𝐲𝐬𝐭𝐞𝐦 =
𝟏𝟏𝐇𝐋𝟑
𝟑𝟖𝟒𝛅
  (two-point loads) (3-5) 
   (𝐄𝐈)𝐬𝐲𝐬𝐭𝐞𝐦 =
𝟓𝐰𝐋𝟒
𝟑𝟖𝟒𝛅
  (uniform distributed load) (3-6) 
where, 
H = concentrated load applied perpendicular to the panel, 
L = height of the panel, 
w = uniform load perpendicular to the panel, and 
d = maximum measured displacement for the respective loading case (H or w) 
The out-of-plane stiffness is developed from the sheathing bending stiffness and is generally 
ignored. However, although the sheathing in-plane stiffness restrains weak-axis bending 
and torsion of the stud, the sheathing out-of-plane stiffness increases major axis bending 
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stiffness and this can efficiently control flexural-torsional buckling mode in the wall studs. As 
such, ignoring this stiffness is not quite correct. 
The available vertical stiffness provided at a fastener location from a fastener-sheathing 
combination providing bracing restraint to a member shall be determined as Eq. (3-7). 
  𝐤𝐲 =
𝟐(𝐄𝐈)𝐰𝛑
𝟑
𝐋𝟑
  ≅  
(𝐄𝐈)𝐰𝛑
𝟒𝐝𝐟
𝐋𝟒
 (3-7) 
Where the functions are defined above. 
The available lateral stiffness provided at a fastener location from a fastener-sheathing 
combination providing bracing restraint to a member is comprised of the diaphragm action 
of the panel and fastener stiffness, which act as springs in series. The lateral stiffness 
supplied to the fastener by the sheathing under diaphragm action (𝒌𝒙𝒅) can be derived 
according to Eq. (3-8). 
   𝐤𝐱𝐝 =
𝛑𝟐𝐆𝐛𝐭𝐛𝐝𝐟𝐰𝐭𝐟
𝐋𝟐
 
(3-8) 
where, 
𝐝𝐟 = distance between fasteners 
𝐰𝐭𝐟 = width of sheathing tributary to the fastener 
𝐆𝐛 = shear modulus of the sheathing, and shall be determined via testing (ASTM-D2719-13 
[128] or for wood panels utilizing tabulated values from NDS [129] or APA Panel Design 
[130] Specification) 
𝐭𝐛 = thickness of the sheathing board 
L = sheathing height 
Localized lateral stiffness developed at the fastener while tilting and bearing can be 
calculated according to Eq. (3-9) or be derived through testing per AISI-S990-13 [131] 
alternatively. 
   𝐤𝐱𝐥 =
𝟑𝛑𝐄𝐝𝟒𝐭𝟑
𝟒𝐭𝐛
𝟐(𝟗𝛑𝐝𝟒 + 𝟏𝟔𝐭𝐛𝐭𝟑)
 
(3-9) 
E = Young’s modulus of the CFS member (stud, joist, girt, etc.)  
t = thickness of the flange of the CFS member 
d = diameter of the fastener  
𝐭𝐛 = thickness of the sheathing board 
The combined rotational stiffness of sheathing and fastener is as Eq. (3-10).  
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𝐤𝐱 =
𝟏
𝟏
𝐤𝐱𝐥
+
𝟏
𝐤𝐱𝐝
 
(3-10) 
 
In order to get a feel for the value of spring stiffness, Vieira provided the fastener-sheathing 
spring’s stiffness [87] allowing for 305mm fasteners spacing and the gypsum sheathing as 
an orthotropic material with Young’s modulus (E=993MPa), shear modulus (G=552MPa), 
thickness=0.5in and ν=0.3. These are the values for normal everyday gypsum boards of 
common densities. Similar values are used in the current study for the purpose of numerical 
modelling.  
 
Table 3-1 : Spring stiffness of gypsum-sheathed stud [87] 
Sheathing Material Spring 
Sheathing in place, 
spring idealized just 
the fastener 
No sheathing, Springs 
idealize fastener and 
sheathing 
Gypsum 
Kx = Kz (
N
mm
) 426 427 
Ky (
N
mm
) N/A 0.087 
K∅ = K∅x (
N. mm
rad
) 129745 95987 
 
 Composite action between gypsum board and steel studs 
Only a few published studies have investigated the composite action between gypsum 
boards and steel studs. This is even though there can be quite a great gain in the capacity 
if this is allowed. The following is the work done by the author that shows these considerable 
gains. 
To show this, the capacities of 12 different stud sizes are calculated using DSM and EWM 
methods. The types are defined with S (a two-digit number) -(a two (or three)-digit number), 
with the first two-digit number expressing the depth of the stud in mm and the second one 
showing the thickness of the section in mm*100). The studs were analysed with CUFSM 
program in advance, for the calculation of the member capacity in accordance to the DSM, 
as explained in Section 3.2.1. The developed program in Excel (presented in Section 2.1.1), 
was also utilised to obtain the member capacity based on the EWM. The results are 
tabulated in Table 3-2. 
61 
 
Two methods’ results are in reasonable agreement and the flexural-torsional buckling 
capacity under uniform moment is less than local and distortional buckling capacity. 
According to the previous research expressed comprehensively in Section 3.3, the gypsum 
board (as a spring) can play an effective role in increasing the flexural torsional buckling 
capacity but is less effective in distortional buckling and almost ineffective in local buckling. 
The addition of gypsum board to the analysis (only for its restraining effects against buckling) 
might mean a change in the governing buckling mode of the system. This can be shown 
using CUFSM. 
The CUFSM program can model the springs at each node of the section. Springs are axial 
(x and y directions) and rotational (Ө). The gypsum board does not possess any stiffness in 
the z direction as depicted in Figure 3-5. Therefore, based on the stiffness values provided 
in Table 3-1, a new analysis was performed in the CUFSM program. The results are 
illustrated in Table 3-3. The notable point that can be made by comparing Table 3-2 and 
Table 3-3 is the significant increase in the flexural-torsional buckling capacity of the sheathed 
member. It shows that the flexural-torsional buckling is not the governing buckling mode any 
longer in the gypsum sheathed stud. 
Current industry practice is to use self-drilling screws at 300mm spacing to connect gypsum 
boards to the studs. This is what we used in our analyses as well. Based on the CUFSM 
results for the buckling strength of bare studs (Table 3-2), for all the studied studs, the local 
and distortional buckling occurred in half wave lengths were smaller than 300mm.  
The experimental study also performed afterward for two different lengths for each stud. The 
𝑙1 and 𝑙2 in Table 3-2 and Table 3-3 are representing the tested length that is explained in 
Section 3.4.1. 
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Table 3-2: Comparison of the moment capacity of bare stud obtained from EWM and DSM 
  
Excel 
(EWM) 
CUFSM 
(DSM) 
Section Prop.  
 𝐌 
(kN.m) 
𝝀 COEFF. 
𝐌 
(kN.m) 
𝐌𝐲 
(kN.m) 
𝐅𝐲 
(MPa) 
𝐈𝐗 
(𝐦𝐦𝟒) 
Section 
Local 0.2095 30 0.46 0.2168 0.4712 420 
28500 
S
5
1
-5
0
 
Distortional 0.1957 225 0.34 0.2395 0.4712 420 
Lateral-torsional (𝑙1) 0.0917 2400 0.15 0.0707 0.4712 420 
Lateral-torsional (𝑙2) 0.0504 3600 0.08 0.0353 0.4712 420 
Local 0.2689 35 0.46 0.2848 0.6192 420 
47100 
S
6
4
-5
0
 
Distortional 0.2284 250 0.33 0.3107 0.6192 420 
Lateral-torsional (𝑙1) 0.1217 2400 0.15 0.0929 0.6192 420 
Lateral-torsional (𝑙2) 0.0642 3600 0.08 0.0464 0.6192 420 
Local 0.5056 35 1.04 0.8026 0.9197 420 
69700 
S
6
4
-7
5
 
Distortional 0.3802 200 0.54 0.5666 0.9197 420 
Lateral-torsional (𝑙1) 0.1706 2400 0.20 0.1839 0.9197 420 
Lateral-torsional (𝑙2) 0.0882 3600 0.10 0.0920 0.9197 420 
Local 0.9408 - - - 1.3251 420 
100500 
S
6
4
-1
1
5
 
Distortional 0.5137 150 1.08 1.0622 1.3251 420 
Lateral-torsional (𝑙1) 0.1236 3600 0.10 0.1325 1.3251 420 
Lateral-torsional (𝑙2) - 4800 0.07 0.0928 1.3251 420 
Local 0.6144 - - - 0.7939 420 
78100 
S
7
6
-5
5
 
Distortional 0.3486 150 0.16 0.2896 0.7939 420 
Lateral-torsional (𝑙1) 0.1650 2400 0.13 0.1032 0.7939 420 
Lateral-torsional (𝑙2) 0.0642 4200 0.05 0.0397 0.7939 420 
Local 0.8783 40 0.93 0.9483 1.1714 420 
105700 
S
7
6
-7
5
 
Distortional 0.5589 200 0.45 0.6698 1.1714 420 
Lateral-torsional (𝑙1) 0.2225 2400 0.16 0.1816 1.1714 420 
Lateral-torsional (𝑙2) 0.0877 4200 0.65 0.7454 1.1714 420 
Local 1.4056 - - - 1.7047 420 
153000 
S
7
6
-1
1
5
 
Distortional 0.8200 150 0.86 1.2584 1.7047 420 
Lateral-torsional (𝑙1) - 3600 0.10 0.1705 1.7047 420 
Lateral-torsional (𝑙2) - 4800 0.06 0.1057 1.7047 420 
Local 0.8250 50 0.42 0.4621 1.1002 420 
120900 
S
9
2
-5
5
 
Distortional 0.3937 250 0.30 0.5300 1.1002 420 
Lateral-torsional (𝑙1) 0.2581 2400 0.15 0.1650 1.1002 420 
Lateral-torsional (𝑙2) 0.0741 4800 0.04 0.0440 1.1002 420 
Local 1.1531 60 0.77 1.0662 1.4964 420 
163700 
S
9
2
-7
5
 
Distortional 0.6374 200 0.43 0.8397 1.4964 420 
Lateral-torsional (𝑙1) 0.1891 3000 0.10 0.1496 1.4964 420 
Lateral-torsional (𝑙2) - 4800 0.05 0.0748 1.4964 420 
Local 1.4880 - - - 2.1797 420 
237900 
S
9
2
-1
1
5
 
Distortional 0.7142 150 0.86 1.6089 2.1797 420 
Lateral-torsional (𝑙1) - 4200 0.08 0.1744 2.1797 420 
Lateral-torsional (𝑙2) - 5400 0.08 0.1744 2.1797 420 
Local 1.2919 90 0.33 0.9570 2.8999 420 
519900 
S
1
5
0
-7
5
 
Distortional - 225 0.30 1.3969 2.8999 420 
Lateral-torsional (𝑙1) 0.1643 4200 0.05 0.1450 2.8999 420 
Lateral-torsional (𝑙2) - 6000 0.03 0.0870 2.8999 420 
Local 2.5432 - - - 4.2655 420 
763400 
S
1
5
0
-1
1
5
 
Distortional - 175 0.55 2.6473 4.2655 420 
Lateral-torsional (𝑙1) - 4800 0.03 0.1280 4.2655 420 
Lateral-torsional (𝑙2) - 6000 0.03 0.1280 4.2655 420 
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Table 3-3: The moment capacity of sheathed stud based on and comparison to the stud 
  
Excel 
(EWM) 
CUFSM 
(DSM) 
Difference in capacity of 
sheathed and bare 
member  Sheathed 
member 
Sheathed member 
 𝐌 
(kN.m) 
𝝀 COEFF. 
𝐌  
(kN.m) 
EWM DSM 
Section 
Local 0.2095 30 0.46 0.2168 0 0 
S
5
1
-5
0
 
Distortional 0.1819 225 0.62 0.3067 -0.0138 0.0672 
Lateral-torsional (𝑙1) 0.4162 2400 6.12 0.4712 0.3245 0.4005 
Lateral-torsional (𝑙2) 0.2418 3600 5.85 0.4712 0.1914 0.4359 
Local 0.2689 35 0.46 0.2848 0 0 
S
6
4
-5
0
 
Distortional 0.2144 250 0.61 0.4005 -0.014 0.0898 
Lateral-torsional (𝑙1) 0.5339 2400 7.79 0.6192 0.4122 0.5263 
Lateral-torsional (𝑙2) 0.2967 3600 7.78 0.6192 0.2325 0.5728 
Local 0.5056 35 1.04 0.8026 0 0 
S
6
4
-7
5
 
Distortional 0.3602 200 0.76 0.6480 -0.02 0.0814 
Lateral-torsional (𝑙1) 0.6708 2400 8.5 0.9197 0.5002 0.7358 
Lateral-torsional (𝑙2) 0.6708 3600 8.6 0.9197 0.5826 0.8277 
Local 0.9408 - - - 0 - 
S
6
4
-
1
1
5
 
Distortional 0.5137 150 1.21 1.1049 0 0.0427 
Lateral-torsional (𝑙1) 0.8228 3600 7.7 1.3251 0.6992 1.1926 
Lateral-torsional (𝑙2) 0.9794 4800 7.7 1.3251 - 1.2323 
Local 0.6144 - - - 0 - 
S
7
6
-5
5
 
Distortional 0.3486 90 0.26 0.3594 0 0.0698 
Lateral-torsional (𝑙1) 0.6870 2400 10.5 0.7939 0.522 0.6907 
Lateral-torsional (𝑙2) 0.6870 4200 10.65 0.7939 0.6228 0.7542 
Local 0.8783 40 0.93 0.9483 0 0 
S
7
6
-7
5
 
Distortional 0.5589 200 0.63 0.7674 0 0.0976 
Lateral-torsional (𝑙1) 0.8225 2400 9.8 1.1714 0.6 0.9898 
Lateral-torsional (𝑙2) 0.8225 4200 10 1.1714 0.7348 0.426 
Local 1.4056 - - - 0 - 
S
7
6
-
1
1
5
 
Distortional 0.8200 150 0.98 1.3200 0 0.0616 
Lateral-torsional (𝑙1) 1.2045 3600 12.3 1.7047 - 1.5342 
Lateral-torsional (𝑙2) 1.2045 4800 12.31 1.7047 - 1.599 
Local 0.8250 50 0.42 0.4621 0 0 
S
9
2
-5
5
 
Distortional 0.3937 250 0.53 0.6727 0 0.1427 
Lateral-torsional (𝑙1) 0.8427 2400 11.3 1.1002 0.5846 0.9352 
Lateral-torsional (𝑙2) 0.4058 4800 11.65 1.1002 0.3317 1.0562 
Local 1.1531 60 0.77 1.0662 0 0 
S
9
2
-7
5
 
Distortional 0.6374 200 0.62 0.9742 0 0.1345 
Lateral-torsional (𝑙1) 1.0116 3000 11.9 1.4964 0.8225 1.3468 
Lateral-torsional (𝑙2) 0.4923 4800 12 1.4964 - 1.4216 
Local 1.4880 - - - 0 - 
S
9
2
-
1
1
5
 
Distortional 0.6810 150 0.98 1.6878 -0.0332 0.0789 
Lateral-torsional (𝑙1) 0.7934 4200 14.9 2.1797 - 2.0053 
Lateral-torsional (𝑙2) 0.7443 5400 14.9 2.1797 - 2.0053 
Local 1.2919 90 0.33 0.9570 0 0 
S
1
5
0
-
7
5
 Distortional - - - - - - 
Lateral-torsional (𝑙1) 0.7883 4200 19.85 2.8999 0.624 2.7549 
Lateral-torsional (𝑙2) 0.6617 6000 20.5 2.8999 - 2.8129 
Local 2.5432 - - - 0 - 
S
1
5
0
-
1
1
5
 
Distortional - 175 0.62 2.6204 - -0.0269 
Lateral-torsional (𝑙1) 1.1337 4800 22.55 4.2655 - 4.1375 
Lateral-torsional (𝑙2) 1.0761 6000 22.7 4.2655 - 4.1375 
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The important point to note about the results tabulated in Table 3-3, is the unreliability of the 
CUSFM results in relation to the local and distortional buckling moment capacity of gypsum 
sheathed CFS panels. Since the CUFSM program calculation is based on the FSM, the 
springs are considered as a uniformly distributed spring along the length of the member. 
The gypsum board however imposes its stiffness at the location of the screws, which must 
be modeled as a discrete spring. 
The local and distortional buckling in the studied studs occur at a half wave length that is 
smaller than the screw’s distance, so the CUFSM results for local and distortional buckling 
capacity is not accurate. To explore this issue further, an experimental program of study 
was undertaken. This is explained in the following.  
 
3.4.1 Experimental studies on gypsum sheathed CFS panels under out-of-plane 
loading 
A sample of cold-formed steel stud and track used for this experimental study is illustrated 
in Figure 3-6. For all wall assemblies, tracks and studs have the same thickness and web 
depth. The section properties for stud and track are presented in Table 3-5. For each CFS 
member depth and thickness, the mechanical properties were determined from tensile 
coupons cut from the lot of specimens supplied for testing. For each member three tensile 
coupons were tested following the requirements of ASTM A370-17 [132]. The stress-strain 
curve of one coupon sample is presented in Figure 3-7 and the Mechanical properties are 
presented in Table 3-4. 
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(a) (b) 
  
(c) (d) 
Figure 3-6: (a) Sample of KNAUF stud. (b) Dimension of stud’s flange. (c) Dimension of 
stud’s web. (d) Sample of KNAUF’s track. 
 
 
Figure 3-7: The engineering stress-strain curve of S92-75 
 
Table 3-4 Material properties of S92-75 
Grade 
E 𝐅𝐲 𝐅𝐮 Elongation 
(GPa) (MPa) (MPa) 
G300 180 352 397 20 
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Table 3-5: Section properties of stud 
 
BMT 
D T 𝐗𝐜 𝐘𝐜 A 𝐈𝐱𝐱 𝐈𝐲𝐲 
mm mm mm mm 𝐦𝐦𝟐 
𝟏𝟎𝟑  
𝐦𝐦𝟒 
𝟏𝟎𝟑  
𝐦𝐦𝟒 
0.5 
50.8 0.5 11.4 25.4 63.1 28.5 9.6 
63.5 0.5 10.8 31.8 69.5 41.7 10.3 
0.55 
76.2 0.55 9.5 38.1 83.3 78.1 12.0 
92.1 0.55 8.6 46.1 92.0 120.9 12.7 
0.75 
63.5 0.75 10.4 31.8 103.8 69.7 15.3 
76.2 0.75 8.6 46.1 125.3 163.7 16.2 
92.1 0.75 8.6 46.1 125.3 163.7 17.2 
150.0 0.75 6.4 75.0 168.7 519.9 19.6 
1.15 
63.5 1.15 10.0 31.8 153.4 100.5 21.3 
76.2 1.15 9.2 38.1 168.0 153.0 22.6 
92.1 1.15 8.3 46.1 186.3 237.9 24.0 
150.0 1.15 6.1 75.0 252.9 763.4 27.3 
 
The gypsum board that was used as the sheathing board in this study was MastaShield 
(6.5kg/m2) board supplied by KNAUF Australia with the dimensions of 10mm thickness and 
1200 mm width. The gypsum board was connected to the CFS framing by #10 bugle head 
self-drilling needlepoint screw at 300mm spacing. The first screw was installed no more than 
100mm from the start of each track. It was made sure that the screws did not connect the 
end of studs to the track. 
Table 3-6:  Section properties for track 
  
BMT 
D T 𝐗𝐜 𝐘𝐜 A 𝐈𝐱𝐱 𝐈𝐲𝐲 
Mm mm Mm Mm mm2 
103 
mm4 
103 
mm4 
0.5 
52.6 0.5 8.8 26.3 57.4 27.2 6.2 
65.3 0.5 7.9 32.7 63.8 44.3 6.7 
0.55 
78.0 0.55 7.2 39.0 77.1 73.0 7.7 
93.9 0.55 6.5 47.0 85.8 112.4 8.1 
0.75 
65.6 0.75 7.9 32.8 95.3 66.1 9.9 
78.2 0.75 7.2 39.1 104.8 99.0 10.4 
94.5 0.75 6.4 47.3 117.0 154.0 11.0 
1.15 
65.9 1.15 7.5 33.0 141.4 96.1 13.6 
78.6 1.15 6.8 39.3 156.1 144.9 14.3 
94.5 1.15 6.1 47.3 174.3 223.7 15.1 
152.4 1.15 4.4 76.2 240.9 714.4 16.9 
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The tests performed on 36 different configurations of fabricated walls assemblies consisting 
of two studs spaced at 600mm centre to centre and 10mm thick gypsum panel products 
sheathed on both sides of the wall assembly. The studs were not connected to the track 
before the gypsum board was applied. At both ends of the wall specimen, to simulate the 
continuity of wall, 100mm width spacers were placed with self-drilling screws between the 
gypsum board at 600mm distance (Figure 3-8(a)). The schematic sketch of the gypsum 
sheathed CFS walls are presented in Figure 3-8(b).  
 
  
(a) (b) 
Figure 3-8: a) GSCFS walls b) Schematic sketch of GSCFS walls. 
 
The tests were carried out at the structural laboratory of University of Western Sydney. The 
testing set up is demonstrated in Figure 3-9(a). As is shown, the wall specimens were 
installed in the fabricated air-tight chamber between the top and bottom beams. The 
specimen was located between two roller supports in the flexural strength tests while for the 
end reaction tests; two 100mm blocks of wood were used to fix the tracks in place. The extra 
elements supporting the cantilevered edges were 100mm long blocks of wood. These blocks 
were connected only to the gypsum board at the back of the specimen with one screw. A 
polyethylene sheet was utilized to seal the chamber. The polyethylene sheet could not 
contribute to the out-of-plane stiffness of the wall assembly as it was loosely applied (Figure 
3-9(b)). A vacuum pump was used to apply suction to the chamber which in turn applied a 
uniform differential pressure to the specimen (Figure 3-9(c)). The specimens were loaded 
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up to failure under vacuum pressure. The vacuum pressure simulates the wind load applied 
to a structure inducing flexure in studs. The amount of vacuum within the chamber was 
regulated automatically using the LabVIEW software [133] that performed the data 
acquisition of the system. The differential pressure between the chamber and the ambient 
air pressure was measured with a manometer. Six Linearly Variable Displacement 
Transducers (LVDTs) that were located at the middle and the two ends of the walls 
continuously read the deflection of the wall panels and transferred the data to the LabVIEW 
software. The specimens underwent the vacuum force where the superimposed axial load 
was zero. The load-displacement curve of each panel was recorded. 
   
(a) (b) (c) 
Figure 3-9: (a) Testing assembly, (b) Vacuum configuration, (c) Sealed polyethylene sheet. 
 
A series of three identical tests were performed for each configuration assembly. The test 
standard followed was ASTM E72-10 [96] as modified by ICC AC-86-12 [95] for non-load 
bearing wall assemblies. 
The following procedure was used to carry out the flexural strength tests: 
1. Initialization (set to zero) of the readings from all LVDTs. Setting the data acquisition 
system to display the average mid-span deflection of all studs minus the average deflection 
at the lower supports. Have the Data AcQuisition (DAQ) configured to display peak vacuum 
to record the failure pressure. 
2. Calculating the target deflection readings based on the required deflection limit state. 
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3. Ensuring that the valve is open (bypassing the vacuum chamber) before starting the 
vacuum. Applying the load slowly and continuously while monitoring pressure and 
deflection. 
4. Loading to L/1200 target (pre-load) deflection limit. Recording pressure (transducer) and 
deflection readings. 
5. Removing the vacuum and record pressure and deflection readings. 
6. Loading to L/360 target deflection limit. Recording pressure (transducer) and deflection 
reading at initial loading. Holding pressure constant for 5 minutes and then recording 
pressure and deflection readings again. 
7. Removing the vacuum and unloading the specimen.  
8. Repeating for the first specimen to L/240, L/180 and L/120 target deflection limits. If the 
specimen can reach the L/120 deflection limit without failing, the procedure is changed to 
skip the L/180 deflection limit on the following two specimens. 
9. After unloading from the maximum deflection limit, loading slowly to failure. Recording 
maximum pressure. 
 
The following procedure was used to carry out end reaction strength tests: 
1. Initializing (setting to zero) the readings from all LVDTs. Setting the data acquisition 
system to display the average mid-span deflection of all studs minus the average deflection 
at the lower supports. Have the DAQ configured to display peak vacuum to record the failure 
pressure. 
2. Ensuring that the valve is open (bypassing the vacuum box) before starting the vacuum. 
Applying the load slowly and continuously while monitoring pressure and deflection. 
3. Loading the specimens to failure. 
The schematic of the vacuum box for transverse load testing and end reaction load testing 
are provided in Figure 3-10 and Figure 3-11. 
The specimen was sealed with polyethylene sheet. Therefore, the pressure that is 
generated by vacuum was distributed evenly on the specimen. Considering the half distance 
of studs as the tributary width for each stud and the pressure achieved at the collapse point, 
the moment capacity of the pined-pined connected gypsum sheathed stud was calculated. 
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Figure 3-10: Schematic of the vacuum box for transverse load testing [134] 
 
 
Figure 3-11: Schematic of the vacuum box for end reaction loading testing [134] 
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The interesting point of this research was the distinctive difference between the capacity of 
gypsum sheathed CFS panel that is achieved in experimental tests and the moment buckling 
capacity of the studs. To make it clear, in Table 3-7, for each stud the moment capacity of 
experimental tests is compared with the critical buckling moment capacity of sheathed stud 
based on EWM and DSM analyses. The critical buckling moment capacity for each stud is 
the minimum moment that is achieved for local, distortional and lateral-torsional moment 
capacities. 
This difference shows that the gypsum board not only stiffens the CFS member at the 
location of screws and increases its buckling capacity but also acts compositely with the 
studs to enhance the second moment area of the section considerably.  
Table 3-7: Comparison between the out of plane capacity of experimental, EWM and DSM 
(sheathed) results 
 
Length 
Experimental Results EWM Results DSM Results 
Section  M M M 
 (mm) (kN.m) (kN.m) (kN.m) 
Short 2400 0.2734 
0.1819 0.2168 S51-50 
Tall 3600 0.2714 
Short 2400 0.3676 
0.2144 0.2848 S64-50 
Tall 3600 0.3694 
Short 2400 0.7278 
0.3602 0.6480 S64-75 
Tall 3600 0.7730 
Short 3600 1.2503 
0.5137 1.1049 S64-115 
Tall 4800 1.2585 
Short 2400 0.5591 
0.3486 0.3594 S76-55 
Tall 4200 1.0255 
Short 2400 0.8410 
0.5589 0.7674 S76-75 
Tall 4200 0.8626 
Short 3600 1.6509 
0.8200 1.3200 S76-115 
Tall 4800 1.6789 
Short 2400 0.5841 
0.3937 0.4621 S92-55 
Tall 4800 0.6597 
Short 3000 1.1118 0.6374 
0.9742 S92-75 
Tall 4800 1.2356 0.4923 
Short 4200 1.9645 
0.6810 1.6878 S92-115 
Tall 5400 2.0414 
Short 4200 1.7339 0.7883 
0.9570 S150-75 
Tall 6000 1.8831 0.6617 
Short 4800 3.5341 1.1337 
2.6204 S150-115 
Tall 6000 3.8561 1.0761 
 
 
While the composite action between the CFS panel and the gypsum boards can significantly 
boost the bending capacity, no information is yet available in any standards of design to 
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allow for this composite action. The only recognition so far has been in noting that gypsum 
board restrains the CFS members against buckling to some extent as mentioned previously 
and even that is a recent addition to the body of knowledge. Annex B of Eurocode5 [9] 
concerns the mechanically jointed beams but is mostly applicable to the wooden structures; 
only considering the gross section bending stiffness, not taking into account the buckling 
strength. 
To assess the performance of CFS studs in sheathed panels under out of plane loading, a 
simplified analysis method for calculating the effective bending stiffness of the cross section 
for composite beam with interlayer slip is proposed, that is presented in Section 3.4.2. 
 
3.4.2 Analytical study on the gypsum board structural 
As gypsum board acts compositely with the studs, an effective second moment of area can 
be calculated which includes the second moment of area of the studs and part of the second 
moment area of the gypsum board as shown below in Eq. (3.56). 
(EI)eff = (EI)CFS +  𝛼 (EI)Gypsum (3-11) 
The effective second moment of area (the composite stiffness) can be found from the 
results of experimental tests. The stiffness of the composite section is determined from the 
tests by measuring the vacuum pressure at specific target deflection limits and then 
determining the corresponding composite stiffness. As the CFS member connections can 
be assumed to be simply supported, the composite (EI)eff value is derived as follows (Eq. 
(3-12)): 
 
(EI)eff =
5 w s L4
384 ∆target
 
(3-12) 
 (EI)CFS =  ECFS ∗ ICFS (3-13) 
  
For each stud type the 𝐸𝐶𝐹𝑆 can be found from the stress-strain curve of the tensile coupon 
test. 
𝐼𝐶𝐹𝑆 is the second moment of area of the cross-section after buckling and it can be derived 
from the EWM analysis. 
For the gypsum board: 
(EI)Gypsum =  EGypsum ∗  IGypsum  (3-14) 
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𝐸𝐺𝑦𝑝𝑠𝑢𝑚 = 993MPa (based on the out-of-plane experimental test that was performed in this 
research in accordance with EN 789 [135] and ASTM-C473-15 [72]. This value agrees 
reasonably well with the results of Vieira [87] and the GA-235 standard [127]. 
IGypsum =  AGypsum ∗  d
2 (3-15) 
where d is the distance between the gypsum board centroid and neutral axis of the 
composite section which due to symmetry can be assumed to occur at the middle of the 
stud.  
The tributary length of gypsum board for each stud was half the distance between the two 
consecutive studs and the sketch is provided in Figure 3-12. 
 
Figure 3-12: Tributary width of the gypsum board for each stud 
An important part of the calculation of the composite section strength is determination of α. 
The parameter α expresses the portion of gypsum board, which contributes into the out of 
plane strength of the composition. α is calculated based on the experimental tests results 
and equation (3-11) and is tabulated in Table 3-8. (𝐸𝐼)𝑒𝑓𝑓 is calculated based on equation 
(3-12) and median value of (𝐸𝐼)𝑒𝑓𝑓  for different deflection target. 
The results demonstrate that between 30% to 77% of gypsum board capacity is engaged in 
the composite action. 
The gypsum board efficiency in composite action also depends on the shear resistance that 
exists between the gypsum board and the CFS. The shear resistance indicates the capacity 
of the connection prior to the breaking of the sheathing edge alone or in combination with 
screw tilting. Therefore, to authenticate the integrity of the results that is illustrated in Table 
3-8, the α coefficient should comply with the shear stiffness of the screw connection.  
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Table 3-8: α Calculation 
Section 
(𝐸𝐼)𝑒𝑓𝑓  𝐸𝐶𝐹𝑆  𝐼𝐶𝐹𝑆  (𝐸𝐼)𝐶𝐹𝑆 𝐸𝐺𝑦𝑝 𝐼𝐺𝑦𝑝 (𝐸𝐼)𝐺𝑦𝑝 𝛼 𝐾 
𝑵. 𝒎𝒎𝟐 GPa 𝒎𝒎𝟒 𝑵. 𝒎𝒎𝟐 MPa 𝒎𝒎𝟒 𝑵. 𝒎𝒎𝟐 𝑵/𝒎𝒎 
S51-50 1.0E+10 180 1.70E+04 3.06E+09 933 1.1E+07 2.1E+10 0.34 673 
S64-50 1.4E+10 180 2.76E+04 4.97E+09 993 1.6E+07 3.3E+10 0.30 533 
S64-75 1.9E+10 180 4.65E+04 8.37E+09 993 1.6E+07 3.3E+10 0.34 686 
S64-115 2.9E+10 180 8.20E+04 1.48E+10 993 1.6E+07 3.3E+10 0.43 577 
S76-55 3.7E+10 180 4.46E+04 8.03E+09 993 2.2E+07 4.4E+10 0.65 1873 
S76-75 3.7E+10 180 7.15E+04 1.29E+10 993 2.2E+07 4.4E+10 0.55 1231 
S76-115 5.1E+10 180 1.32E+05 2.38E+10 993 2.2E+07 4.4E+10 0.62 1235 
S92-55 3.8E+10 180 6.89E+04 1.24E+10 993 3.1E+07 6.2E+10 0.41 538 
S92-75 4.6E+10 180 1.52E+05 2.74E+10 993 3.1E+07 6.2E+10 0.30 333 
S92-115 8.2E+10 180 2.42E+05 4.36E+10 993 3.1E+07 6.2E+10 0.62 977 
S150-75 1.4E+11 180 3.06E+05 3.06E+09 993 7.7E+07 1.5E+11 0.53 544 
S150-115 2.2E+11 180 5.59E+05 4.97E+09 993 7.7E+07 1.5E+11 0.77 1660 
 
 
In Annex B of Eurocode5 [9] a formula is presented for the effective bending stiffness of 
mechanically jointed beams which correlates the slip modulus (between gypsum board and 
CFS) and effective bending stiffness according to Equation (3-16). 
α = [1 + π2E A S/(Kl2)]−1 (3-16) 
where, 
S is the spacing of the fastener, and A, E and 𝑙 are the cross-section area, modulus of 
elasticity and length of gypsum board respectively.  
Equipped with α  data, the slip factor (K) was calculated based on equation (3-16) and is 
presented in Table 3-8. The results are in perfect correlation with the slip factor data which 
is gleaned from published results [136].  
Quantifying the level of composite action, one can determine the limiting heights for CFS 
panels that are fabricated from studs and gypsum boards combined. This is performed in 
Section 3.5. 
 
 Calculation of composite wall assembly limiting height 
Majority of cold-formed panels used in construction are classified as non-load-bearing. This 
does not mean that there is no load on these panels rather they are subjected to out-of-
plane pressure resulted from pressure differences on the sides of the panels mostly due to 
different wind pressure coefficients on the two sides. Even when a panel is entirely located 
inside a building, there might be an internal pressure coefficient difference of 0.3 [AS1170.2, 
2005]. Quantifying the composite action between the gypsum board and the steel studs 
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allows designing CFS panels of greater heights for the same pressure difference. The 
panels are often required to be capable of bearing a pressure difference of 240Pa to 720Pa 
in Australia for most of applications. A much greater height can be achieved for the same 
pressure difference when the limiting heights include composite action. Here the limiting 
heights are calculated based on the tests performed for this hybrid composite system. 
The amount of loads are calculated in accordance with the loading codes such as AS/NZS 
1170.0, 1170.1 and 1170.2 [2, 137, 138] for a particular region which will be in the range of 
240 to 720 Pa for regular CFS buildings. According to the AS/NZS 1170.2 [2], the wind 
pressure (𝑝), in Pascals, is calculated as follows (Eq. (3-17)): 
𝑝 = (0.5 𝜌𝑎𝑖𝑟)[𝑉𝑑𝑒𝑠,𝜃]
2
𝐶𝑓𝑖𝑔𝐶𝑑𝑦𝑛 (3-17) 
where, 
𝑝  = design wind pressure in pascals 
𝜌𝑎𝑖𝑟 = density of air that is equal to 1.2 kg m
3⁄  
Vdes,θ = Building orthogonal design wind speeds shall be taken as the maximum 
cardinal direction site wind speed ((Vsit,β), Eq.(3-18)) linearly interpolated 
between cardinal points within a sector ±45° to the orthogonal direction being 
considered. 
Vsit,β =  VR Md (MZ,cat Ms Mt)  (3-18) 
where, 
VR = regional gust wind, m s⁄ , for annual probability of exceedence of 1 R⁄  
Md = wind directional multiplier for the 8 cardinal directions 
Mz,cat = terrain/height multiplier 
MS = shielding multiplier 
Mt = topographic multiplier 
Generally, the wind speed is determined at the average roof height (h). 
Cfig = aerodynamic shape factor 
Cdyn = dynamic response factor 
Two distinctive failure modes are possible for a gypsum sheathed CFS panel under out-of-
plane loading: 1- Flexural failure at the middle of the studs; 2- End connection failure at the 
ends of the studs. The end connection failure would be the dominant failure in the short 
walls and flexural mode in the tall walls. 
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For the limiting heights, the issue of deflection under service loads is also critical as the 
serviceability is a limiting state. This is also considered here in the calculations.  
According to the Uniform Building Code (UBC) provision, interior non-structural walls require 
to resist at least a load of 240Pa applied perpendicular to the plane of wall. The deflection 
of such walls under a load of 240Pa shall not exceed 1/240 of the span for walls with brittle 
finishes and 1/120 of the span for walls with flexible finishes. Also, for each stud type the 
flexural strength and web crippling strength of partition walls must be calculated. The limiting 
height of wall assembly for each stud configuration is derived based on wall stiffness, wall 
strength and web crippling at the location of stud to track connection. Where limiting heights 
based on strength were less than those determined based on deflection from the tests, the 
lower heights based on strength controlled the limiting height value. 
In the following, the method of calculating the limiting height for different limit states is 
described. 
 
3.5.1 Limiting heights based on wall stiffness  
The gypsum sheathed CFS wall height is limited by the maximum deflection at a specified 
load. The stiffness of the wall is determined from the tests by measuring the vacuum 
pressure at specific target deflection limits and then determining the corresponding 
composite stiffness. As the CFS member connections can be assumed to be simply 
supported, the composite EI value is derived as follows (Eq. (3-19)): 
EI =
5 w s L4
384 ∆target
 
(3-19) 
For each wall assembly, the EI is calculated by arithmetical average of three identical tests. 
According to AC86 provision[95], the deviation of any individual deflection target EI value 
should not exceed ±15 percent of the specimen’s average EI value. The obtained EI can be 
used to determine the limiting height of the corresponding wall assembly at specific lateral 
pressure and deflection target according to Eq. (3-20): 
L = (
384 E IAVG
5 w s Ψ
)
(
1
3)
 
(3-20) 
here, 
w = Lateral design load (240, 360, 480 and 720Pa) 
s = Stud spacing (m) 
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Ψ = Target deflection limit coefficient (120, 240, 180 or 360) 
 
3.5.2 Limiting height based on wall flexural strength 
The limiting heights of gypsum sheathed CFS wall based on the flexural strength of the 
studs acting compositely with the gypsum board were determined based on the tests of the 
specimens to failure. Using the peak load of the test the limiting height is according to Eq. 
(3-21) [95]. 
√
RsP Lt
2 
Ω W
 
(3-21) 
where, 
R𝑠 = (
Fy−specified
Fy−tesyed
) × (
tspecified
ttested
) ≤ 1.0 
P = Controlling peak test load (Pa) 
L𝑡 = Span of test set 
Ω = Safety factor determined in accordance with the AISI S100 
W = Design load (240, 360, 480 and 720 Pa) 
 
3.5.3 Limiting height based on end connection capacity 
Allowable heights based on the shear and web crippling failure modes, which may occur at 
the ends of the studs, were derived experimentally from the average failure loads from 
nominal 1200mm height wall specimen tests. Calculation of the limiting height is according 
to Eq. (3-22) [95].  
RsB Lt 
Ω W
 
(3-22) 
 
where, 
R𝑠 = (
Fy−specified
Fy−tesyed
) × (
tspecified
ttested
) ≤ 1.0 
B = Controlling peak test load (Pa) 
L𝑡 = Span of test set 
Ω = Safety factor determined in accordance with the AISI S100 
W = Design load (240, 360, 480 and 720 Pa) 
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3.5.4 Overall Limiting Heights 
Limiting heights based on deflection were determined based on interpolation between the 
calculated heights from the two different tested wall heights. The interpolation expression 
included in AC86-12 is as follows: 
L =  
(L1  × H2 −  H1  ×  L2)
(H2 −  H1 − L2 +  L1)
 
(3-23) 
where, 
L1 = actual span for shorter test 
L2= actual span for taller test 
H1  = Limiting height from shorter test 
H2= Limiting height from taller test. 
 
It must be considered that the derived limiting height from shorter test cannot be more than 
twice of the actual height for the taller test. AC86-12 stipulates that if a calculated limiting 
height based on the shorter wall is less than the tested height of the shorter wall, the wall 
assembly is not permitted to resist that specific deign load and target deflection limit. Also, 
in no case shall the interpolated value, L, be greater than the mean value between calculated 
values H1 and H2. 
Mean value of calculated limiting height must be used to achieve the limiting height based 
on the strength. 
 
3.5.5 The developed program in MATLAB for calculation the limiting height  
The LVDTs and pressure data from experimental tests were transferred to the Lab View 
Software [139] and then were converted to the Excel format. To calculate the limiting height 
according to Section 3.5, the desired data must be extracted from the overall data, which is 
time consuming. A program was developed in MATLAB, which can import the available data 
from Excel, process those and then export the processed data back to Excel. Using this 
program, the wall height calculation was performed. For two configurations of gypsum 
sheathed CFS panels the results are illustrated in Table 3-9. The limiting wall heights of 
gypsum sheathed CFS panels that are presented in Table 3-9 are related to S64-50 and 
S76-75. The S64-50 is a panel with the studs having the web height (D) and thickness (BMT) 
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equal to 64mm and 0.5mm, respectively. The panel S76-75 is a panel with the studs having 
D and BMT equal to 76mm and 0.75mm, respectively. 
Table 3-9: The limiting height of GSCFSP with S64-50 and S76-75 
Limiting Height 
(mm) 
240 (Pa) 360 (Pa)  480 (Pa) 720 (Pa) 
L/120 L/240 L/360 L/120 L/240 L/360 L/120 L/240 L/360 L/120 L/240 L/360 
S6
4
-5
0 
Stiffness 3957 3141 2708 3457 2708   3141 2430   2708     
Flexural Str. 4275 3490 3023 2468 
End Reaction 12764 8509 6382 4255 
Overall 3957 3141 2708 3457 2708 
  
3023 2430 
  
2468 
    
S7
6
-7
5 
Stiffness 5111 4209 3780 4465 3677 3302 4056 3341 2790 3544 2738   
Flexural Str. 6436 5255 4551 3716 
End Reaction 18331 12221 9165 6110 
Overall 5111 4209 3780 4465 3677 3302 4056 3341 2790 3544 2738   
 
Although the GSCFCP with S76-75 has a different specification with Chio studies [94] for 
3.5” wall thickness and 12” stud spacing that is presented in Table 2-3, but it shows that the 
stud spacing has less effect on the overall limiting height of the GSCFCP.  
 
 Summary and Conclusion 
Equipped with a couple of software programs that were developed at the beginning of this 
chapter, a new method was proposed that could calculate the capacity of gypsum sheathed 
CFS panels as a composite system. The role of gypsum board as a structural element in 
composite action with CFS was verified by the experimental test results. It can be proved 
that the method is reliable and extendable to other configurations and loading types. The 
results show that designing the CFS structure based on the bare steel capacity is too 
conservative. The developed method can make its way to the standards. Tests were also 
performed on gypsum CFS panels to develop limiting wall heights. It was shown that the 
gain in the capacity is significant and shall not be ignored in the design. 
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4 Chapter 4: Seismic Strap Bracing of Cold-Formed Steel Panels 
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 Introduction 
CFS walls that have neither braces nor cladding attached do not possess much shear 
resistance. X-strap bracing is a common method of bracing Cold-Formed Steel (CFS) 
structures. Practice has proved that installation of X-strap bracing in a CFS panel is an 
efficient means of resisting lateral forces because the diagonals work in axial tension and 
therefore require only a minimum amount of material to provide adequate lateral stiffness 
and strength. 
In this bracing method, narrow straps are screw connected to the corners of the wall panels 
(Figure 4-1) and are tensioned using a simple tension device that pulls the straps tight 
(Figure 4-2). The tension device passes through a hole drilled at the mid width of the strap; 
which creates a point of weakness. The common failure modes associated with this type of 
installation are: a) failure at the position of the tension device (Figure 4-3(a)) or b) failure at 
the connection of the strap ends to the chords (Figure 4-3(b)). Such modes of failure are 
both brittle and therefore do not allow much energy dissipation through hysteretic cycles in 
the event of an earthquake. To have a ductile failure and development of hysteretic curves 
that allow more energy dissipation, one must ensure that yielding of straps occurs and 
continues to govern until eventually the strap fails within the yielded region as the strain in 
the strap reaches the ultimate strain of the material over its full width. The idea of seismic 
bracing introduced here is along this line. 
  
(a) (b) 
Figure 4-1: X-strap braced CFS structure 
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Current design specifications provide nominal lateral strength for a limited range of X-strap 
braced CFS panel configurations. Considering the greatly increased worldwide demand for 
these structures, improving the understanding of their behavior is important.  
 
 
Figure 4-2: Regular tension device 
 
  
(a) (b) 
Figure 4-3: the failure mode of straps with regular tension device[140] 
 
 Experimental and Numerical study to assess the proposed seismic 
brace 
4.2.1 Material Testing and test set-up 
To achieve a ductile response under lateral loading, strap braces should undergo gross 
cross-section yielding along their length, while the other elements along the seismic force 
transfer path should be able to carry the brace yielding capacity without failure. The 
desirable failure mode is the rupture of straps in tension after significant yielding and prior 
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to failure in the other elements within the load transfer path. This can be achieved by 
reducing the width of straps in the middle for an adequately large length, LFuse, as shown in 
Figure 4-4.The length LFuse can be chosen in a way that allows the desired maximum lateral 
drift to occur just before the straps fail under tension as they reach the ultimate strain. 
 
Figure 4-4: Strap shape and fuse configuration 
In the current experimental study, the lipped C channels shown in Figure 4-5 are chosen. 
The web depth is 90mm and the flange width is 36mm. The section has a uniform 0.75mm 
thickness. The material properties of stud and track presented in Table 4-1 were determined 
from tensile coupons cut from samples taken from the lot of specimens supplied for testing. 
The tensile coupons were tested following the requirements of ASTM A370-17 [132]. 
  
(Corner) (Middle) 
Figure 4-5: Shape of the stud’s cross section 
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Table 4-1 Material properties of stud and track 
Grade Thickness E 𝐅𝐲 𝐅𝐮 𝜺𝒚 𝜺𝒖 𝐅𝐮 𝐅𝐲⁄  
(MPa) (mm) (GPa) (MPa) (MPa) (%) (%)  
550 0.75 169 592 617 0.45 2.86 1.04 
 
 
All members were connected using #10 wafer head self-drilling/self-tapping screws. The 
screws shear and tensile strength were 3.3kN and 3.8kN respectively based on ICC-ES 
evaluation report [141]. 
To avoid a weak position along the length of the strap because of connecting the tension 
device, a different tension device was made. Two 40mm angles were cut into a length 
around 5cm longer than the larger width of the strap as shown in Figure 4-6(a). This way, 
the holes were placed outside the width of strap. While much better tension devices can be 
made with the same concept, with a curved base rather than a sharp angle base, the device 
sufficed our purpose as tensioning was achieved while no failure was observed near the 
tension device in any of the samples (Figure 4-6(b)).  
Using the above cross-section, straps and tension devices, six screw-connected wall 
specimens were made using a testing frame designed specifically for in-plane shear loading. 
Material properties of the cold-formed steel are provided in Table 4-1. All walls were 2400 x 
1200 mm in size with X-strap braces installed as shown in Figure 4-6(c) and tabulated in 
Table 4-2. The corner studs were doubled and one noggin in parallel with the tracks was 
connected to the studs at mid height. The cross section and material properties of the noggin 
was same as the tracks. All members were connected using wafer head self-drilling/self-
tapping screws.  
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(c) (b) (a) 
Figure 4-6: A-Tension unit component, B- Strap tension without drilling, C-Tension unit position 
 
The schematic sketch of testing rig is shown in Figure 4-7. All specimens were fixed to the 
frame using four M16 high strength bolts. A strong combination of washers and nuts was 
used to ensure that there exists no possibility of slip between the tracks and the beams.  
 
 
Figure 4-7: Strap braced wall specimen in test frame 
 
Two vertical jacks apply a minimum pressure, only to hold the specimen firmly in place. Two 
roller bearings above these jacks allow horizontal sway. A horizontal actuator applies cyclic 
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push and pull loads to the bottom left corner of the panel as shown. Essentially the system 
is like a wall placed upside down with the horizontal load simulating the inertia forces applied 
to the top of the wall in a structural frame. For the current tests, measurements consisted of 
bottom wall displacements, strains in the steel straps, acceleration of the loading beam 
assembly, the shear load at the wall top, as well as the uplift force in the hold down anchor 
rods. The LVDTs (Linear Variable Differential Transformers), strain gauges, load cells and 
accelerometer were connected to a computer and the Lab View Signal Express Software.   
Initially all the LVDTs were set to zero. The Data AcQuisition (DAQ) configured to display 
peak lateral load to record the failure load. All data from the transducers and the load-cell 
were transferred to a computer to be analysed using Lab View Signal Express software 
[139]. The load-displacement curve of each panel was then plotted. According to the 
American Society of Civil Engineers (ASCE7-10) provisions [36], for steel buildings, ultimate 
allowable story drift shall not exceed 0.02h. For the 2400mm tall CFSP that are the subject 
of this study, this would translate into 48mm. Hydraulic jacks were capable of 300mm drift 
which well exceeded the required 48mm. 
Table 4-2 Specimen configuration 
Specimen Stud Spacing 
Bracing 
𝐋𝐅𝐮𝐬𝐞 Thickness 𝐅𝐲 𝐅𝒖 Bracing 
side (m) (mm) (MPa) (MPa) 
𝐒𝟏 600 1.5 0.6 290 348 One side 
𝐒𝟐 400 1.5 0.6 290 348 Both sides 
𝐒𝟑 600 1 0.6 290 348 Both sides 
𝐒𝟒 400 1 0.6 290 348 Both sides 
𝐒𝟓 400 1 1 315 382 Both sides 
𝐒𝟔 600 1.5 1.25 370 436 Both sides 
 
The cyclic loading regime used in this study was based on Method B of ASTM E-2126 
Standard [142], which was originally developed for ISO (International Standardization 
Organization) standard 16670. As illustrated in Figure 4-8 and Table 4-3, this loading 
methodology consists of one full cycle at 1.25%, 2.5%, 5%, 7.5%, and 10%, and three full 
cycles at 20%, 40%, 60%, 80%, 100%, 120%, 140%, 160%, and 180% of monotonic loading 
87 
 
ultimate lateral displacement, 𝐦, Unless failure or a significant decrease in the load 
resistance occurs earlier.  
 
Figure 4-8: Cyclic loading regime, Method B - ASTM E2126-11 [142] 
In this method, it is required to perform a monotonic loading test first for each structure 
before performing the cyclic loading. This is because the amplitude of displacements in the 
cyclic loading are determined based on the monotonic loading ultimate lateral displacement, 
𝑚. As such, every structure has its own lateral displacement regime.  
Table 4-3 Cyclic loading regime, Method B - ASTM E2126-11 [142] 
Pattern Step Minimum Number of Cycles Amplitude, % ∆𝐦 
1 
1 1 1.25 
2 1 2.5 
3 1 5 
4 1 7.5 
5 1 10 
2 
6 3 20 
7 3 40 
8 3 60 
9 3 80 
10 3 100 
11 3 Additional increments of 20 (until wall failure) 
 
The hysteresis graph and the failure modes of the experimental test are presented in Section 
4.2.2 to be compared with the numerical analysis results. 
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4.2.2 Numerical modelling  
Several Finite Element (FE) models were developed in ABAQUS software. After calibrating 
the best performing model, it was used to evaluate the effects of different parameters of 
strap braced CFS panels in response to the lateral load. Figure 4-9 shows the FE model with 
its boundary conditions defined according to the assumed Cartesian coordinates x, y, z. 
 
Figure 4-9: Finite element mode of strap braced CFS panel 
Nonlinear steel material was considered with metal plasticity (von Mises yield surface) and 
isotropic hardening. Tensile coupons were cut from samples supplied for testing. For each 
stud type three tensile coupons were tested following the requirements of ASTM A370-17 
[132]. True stress (σtrue) and true strain (εtrue) were calculated from the test results on 
coupons using the method of Pham & Hancock [27] to be used in the model. 
True stress and strain can be calculated based on equation (4-1) and (4-2). 
𝜎′ = 𝜎(1 + 𝜀) (4-1) 
𝜀′ = 𝑙𝑛(1 + 𝜀) (4-2) 
Based on the recommendations by Vieira and Schafer [87, 143, 144], 4-node shell element 
with linear shape functions and reduced integration (S4R-A4 node) was used to build the 
model. The element uses three translations and three rotational degrees of freedom at each 
node. The element accounts for finite membrane strains and arbitrarily large rotations. 
Therefore, it is suitable for large-strain analyses and geometrically nonlinear problems. The 
loading process was controlled by displacement. 
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4.2.3 Comparison of experimental studies with numerical models 
The displacements along the X and Y directions and rotations along Y and Z-directions of 
bottom track were restrained and the top track was assumed to have no displacement and 
rotation along the Y directions. Displacement in the Z-direction was assumed to be 
restrained only in the location at which screw connects the track to the hot-rolled beam.  
As expected, specimen S1 showed the least lateral strength. A maximum lateral load of 
3.48kN was recorded at 29mm displacement. The dominant failure mode of S1 is rupture of 
the strap in tension with almost no visible deformation in any other parts of the wall. In 
comparison with the lateral forces applied to the structure, the available strength of the one-
side strap bracing was found to be inadequate. The experimental and numerical hysteresis 
graphs are depicted in Figure 4-10. It seems that the ABAQUS model could simulate the 
performance of the real specimen reasonably well. Vital information can be extracted from 
the hysteresis loops. These include stiffness, R factor, ductility and the absorbed energy of 
the system. 
To combat the inefficiency of S1, in the next specimen (S2), both sides of the wall were 
strapped and the stud’s spacing was reduced to 400mm. The lateral strength of S2 sharply 
increased to almost twice that of S1. As depicted in Figure 4-11, large elongation occurred 
in the straps with some local buckling at the side stud while the bottom track was bent to 
some extent. The major mode of failure in this sample was strap yielding to ultimate strain 
levels. The ABAQUS output agreed reasonably well with the experimental results being able 
to agree on the ultimate load and the extent of ultimate displacement, although within the 
earlier cycles the stiffness shown by the numerical model was markedly different to the 
experiments (Figure 4-12). 
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Figure 4-10: The hysteresis graph of experimental test and ABAQUS analysis of S1 specimen 
 
  
Figure 4-11: The S2 deformation under in-plane lateral load 
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Figure 4-12: The hysteresis graph of experimental test and ABAQUS analysis of S2specimen 
The stud spacing, length L, strap thickness and strength of the strap are important 
parameters, which can significantly change the capacity and failure mode of the strap braced 
CFS panels as investigated in this research. 
The two first parameters were examined in S3 and S4. It seems that the stud spacing and 
the length L (in Section 4.3 the effective length L according to the analytical calculation is 
presented), did not influence the strap braced CFS panel lateral capacity considerably 
(Figure 4-13 and Figure 4-14). Also, the prevailing failure of S3 and S4 appeared to be in the 
tension straps (Figure 4-15). Despite the partial distortion developed in the top track in S3, 
no noticeable effects were observed on the overall lateral capacity of the wall panel.  
  
Figure 4-13: The S3 deformation under in-plane lateral load 
-8
-6
-4
-2
0
2
4
6
8
-200 -150 -100 -50 0 50 100 150 200F
 (
kN
)
∆ (mm)
Experimental Result
ABAQUS Output
92 
 
 
 
Figure 4-14: The hysteresis graph of experimental test and ABAQUS analysis of S3 specimen 
 
Figure 4-15: The hysteresis graph of experimental test and ABAQUS analysis of S4 specimen 
Increasing the thickness and the strength of straps were also examined in S5 and S6. The 
notable point of this study was changing the lateral performance of the strap braced CFS 
panel. S5 did not show a ductile response. In the primary test cycles, the brace length 
increased and simultaneously the bottom track was uplifted. Subsequently, the brace-to-
frame connecting screws’ pull-out caused some distortional buckling with flange rupture in 
the lower track (Figure 4-17). 
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Figure 4-16: The S5 deformation under in-plane lateral load 
In addition to the pinching of hysteresis curves due to permanent elongation of straps in the 
yielding zone, pinching may occur due to the deformation of the cross-section at the 
connection points. The physical reasoning behind this behaviour is the softening of 
connection joints. As loading increases in the structure and its connections deform, the 
screws may begin to pull through, pull out or yield. This creates reduced opposing force 
capacity in the reversed loading (Judd and Fonseca [145]). 
Experimental tests were conducted on S5 to record hysteretic data illustrating the pinching 
behaviour as shown in Figure 4-17. 
During the test on specimen S6, the left corner of the bottom track underwent local buckling 
and some distortional buckling was observed in this area after the rivet tilting. Hereinafter, 
the lateral load was reduced, and the frame lost its load bearing capacity. The test continued, 
failure extended into the second cycle, the left stud buckled in the middle portion and, with 
an increase in the displacement, the lateral force decreased from its maximum value of 
10.78kN at the corresponding displacement of 67mm to about 6kN in +120mm (Figure 4-18 
and Figure 4-19). 
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Figure 4-17: The hysteresis graph of experimental test and ABAQUS analysis of S5 specimen 
 
Figure 4-18: The S6 deformation under in-plane lateral load 
-15
-10
-5
0
5
10
15
-150 -100 -50 0 50 100 150F 
(k
N
)
∆ (mm)
Experimental Result
ABAQUS Output
95 
 
 
Figure 4-19: The hysteresis graph of experimental test and ABAQUS analysis of S6 specimen 
Considering the obtained results, although some bending deformation was observed in the 
bottom tracks for S1, S2, S3, and S4, the extent of deformation was not large enough to 
considerably reduce the system’s bearing capacity. The main failure mode in these 
specimens was the brace yielding which showed quite a ductile behaviour during the tests. 
It was also observed that a doubly braced panel with reduced stud spacing (400mm spacing) 
would increase the panel’s lateral force resisting capacity. Comparing the results that were 
obtained in the experiments and the brace ultimate capacity shows that utilizing the 
developed seismic braces allows the desired ductile response to be developed. It was found 
that except in specimen S5 in which screw pull-out happened and specimen S6 in which due 
to the increased braced thickness, the failure happened in the corner studs; other specimens 
showed a ductile lateral response. 
The result also shows good agreement with the Tian studies [94] on X-strap braced CFSP. 
They also found out that 5kN and 10kN are the maximum racking loads of the one side and 
two side strap braced panels.    
 
-15
-10
-5
0
5
10
15
-200 -150 -100 -50 0 50 100 150 200F 
(k
N
)
∆ (mm)
Experimental Result
ABAQUS Output
96 
 
 Analytical method for calculating the lateral strength of strap braced 
CFS panels 
The X-strap bracing system should be capable of reaching the permissible lateral drift 
(specified in the codes and regulations) without any connection failure, stud buckling, brace 
tearing, and so on. But many of the earlier studies have shown that the conventional X-strap 
bracing system subjected to reciprocating loads fail undesirably in one of the failure modes 
mentioned above and well before the system can reach its allowable lateral drift. The 
proposed seismic bracing however allows the attainment of the desired lateral drift.  
In the current study, a simple calculation method is proposed for the design of seismic 
braces. In this method the ultimate capacity of the panel components and the internal 
stresses of the elements must be calculated. Due to the pinned connection of the panel 
components, it is assumed that the elements transfer the load axially. Also, the short 
distance between the hold down bolts and the panel corners leads to the elements AB, GH, 
DE and IJ to be too short which lowers the chance of buckling in compression. Given that 
the compression strap buckles in the primary steps of loading, the load transfer diagram is 
as depicted in Figure 4-20. Different components of the panel can be classified as if they 
are subjected to only a certain type of force as shown in Figure 4-20 if the external shear 
force is applied from right to left. 
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Element Axial force 
AB P 
BC 0 
CG 0 
GH V 
AD P 
DE V 
EF 0 
FI 0 
IJ P 
CF 0 
HJ P 
AJ T 
DH 0 
P: Pressure 
T: Tension 
V: Shear 
       : axial force in strap 
       : axial force in stud 
       : axial force in track 
 
Figure 4-20: The load transfer diagram of the regular strap brace panels 
As the ductile behavior of strap braced wall is desired, the strap failure must occur prior to 
the overall buckling of the studs. Therefore, the lateral strength of the wall would depend on 
the lateral strength that is provided by the strap and hence it can be calculated according to 
Eq.(4-3). The “less than or equal” sign in Eq. (4-3) is there, so that the favourable failure 
mode occurs first.   
Vu = Tn ∗ cosα ≤ Pu ∗ tan α (4-3) 
where, 
Tn is the maximum tensile capacity of the strap; 
Pu is the stud compression capacity which is more than the local buckling strength and less 
than the overall buckling strength and the terms of Pu ∗ tan α is the lateral strength of panel 
if it were to be governed by the stud’s axial capacity.  
As is shown in Figure 4-20, no stresses will be developed in the panel’s middle studs under 
lateral loading. So, number of middle studs does not play an important role in the lateral 
strength of the braced panel. 
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The above method requires determination of the ultimate capacity of the panels’ 
components as explained in the following.  
 
4.3.1 The tensile capacity of the strap 
According to the AISI S213-07 [1] provisions, the tensile capacity Tn of the diagonal strap 
members with a constant width can be calculated from Equation (4-4).  
Tn = Ag Ry Fy (4-4) 
where,  
Ag is the gross section area;  
Fy is the yield strength of strap;  
and based on the ductile behaviour, Ry factor is used to obtain a realistic estimate of the 
brace force at yielding. Ry =1.5 for Fy = 230 MPa and Ry =1.1 for Fy = 340MPa. In either 
case, Ry shall not be less than 1.1. If Fy  is not any of the two mentioned limits, 
conservatively one shall assume Ry =1.1. 
Based on the expected base shear of the building (calculated from the regional loading of 
the building) and the architectural aspects which dictate the number of braced walls, the 
lateral seismic forces of each wall will be defined. Following that, based on Equation (4-4), 
the width and thickness of the reduced segment can be selected.  
In order to meet the ductile behaviour requirement, the length of the reduced width segment 
shall be large enough to prevent early arrival at the ultimate strain before the wall reaches 
acceptable ultimate drift, as that would create rupture failure in the reduced segment of the 
tensile strap. Therefore, the length of the reduced segment must be estimated, which is 
proposed to be determined from Equation (4-5). 
𝑙 ≥
∆
0.9 ε cos α
 (4-5) 
where,  
Δ is the maximum expected drift of the wall;  
ε is the minimum elongation,  
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α is the angle between strap and track.   
NBCC [146] advises that the maximum inelastic drift limit of 2.5% of the wall height is 
acceptable.  
Stiffness of the narrowed segment of the strap acts in series with other parts of the strap. 
The total elongation therefore is naturally a combination of the elongation along the reduced 
length, the unreduced length and the elongation resulting from the deformation at the 
connections. Elongation along the reduced length, however governs as this is the region at 
which yielding occurs.  
The ultimate elongation for different types of steel are different, For example, the ASTM 
A653 [147] lists the minimum elongation for structural steel with minimum yield strength 
230MPa as ε = 20% , and for minimum yield strength 340MPa as ε = 12%. Testing of strap’s 
coupon used in our experiments showed the ultimate strains of 18%, 15% and 11% with 
yield strength 290MPa, 315MPa and 370MPa, respectively.  
As an example, for our experimental specimens, according to the Equation (4-5), the length 
𝑙 can be determined as 𝑙 ≥ 827mm, 𝑙 ≥ 994mm  and 𝑙 ≥ 1356mm for specimens S1-S4, S5 
and S6, respectively. As these amounts are the minimums, the reduced segment length was 
selected to be 1000mm and 1500mm. Accordingly, the brace tension capacity of the studied 
panels is calculated and presented in Table 4-5. 
Table 4-4 The ultimate strength of the straps in the studied panels 
S
p
e
c
im
e
n
 
Strap Strap 
t Width 𝐅𝒚   𝐑𝐲 𝐓𝐧  
(mm) (mm) (MPa)     (kN) 
S1 0.6 40 290 1-S 1.1 7.66 
S2 0.6 40 290 2-S 1.1 15.31 
S3 0.6 40 290 2-S 1.1 15.31 
S4 0.6 40 290 2-S 1.1 15.31 
S5 1 40 315 2-S 1.1 27.72 
S6 1.25 40 370 2-S 1.1 40.7 
1-S: One side strap bracing 
 2-S: Two side strap bracing 
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4.3.2 The compression capacity of the CFS member 
As explained in Section 2.1.2, DSM is a proper method for calculating the bare steel 
compression capacity. The elastic local, distortional and overall buckling loads are required 
to be determined in advance. The CUFSM program [148] can be used to achieve the elastic 
buckling load of the studs and tracks. For a given compression member, all three modes 
may not co-exist. The CUFSM results showed that the local and overall buckling modes are 
the only possible failure modes in the studied stud and track and the distortional mode is not 
probable (Figure 4-21).  
In the current studied panels, as demonstrated in Figure 4-7, the corner studs are double C-
section member. The noggin was connected at the mid height of the stud, so for the stud’s 
buckling analysis the effective length is half length for buckling about weak axis and full 
length for buckling about strong axis. As the section’s moment of inertia about major axis is 
ten times larger than that about the minor axis, buckling about minor axis is more probable 
to occur. The CUFSM (cFSM) output graph is demonstrated for the stud and tracks under 
investigation in Figure 4-21. 
The ultimate compression load capacity for different modes of buckling is calculated 
according to the formula of AS/NZ 4600[13] and presented in Section 2.1.2. The small 
divisions of the track shown in Figure 4-20 as AB, DE, GH and IJ transfer the load without 
any failure. Also, the elements DE and GH are under the shear stress and due to their small 
length, the generated moment is small. Therefore, the track has to be analyzed under the 
pure compression and local buckling has to be considered specifically. The results are 
tabulated in Table 4-5. 
  
(a) (b) 
Figure 4-21: (a) stud’s CUFSM elastic buckling graph, (b) track’s CUFSM elastic buckling graph 
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Table 4-5 The ultimate strength of the straps in the studied panels 
Specimen 
Double stud Track 
local distortional Overall Local 
(kN) (kN) (kN) (kN) 
S1-S6 17.99 - 24.74 6.56 
 
 
 Design of strap braced CFS panels according to standards  
Table 4-6 presents the results of the analytical study. According to this result, in specimen 
S1, the strap yielding is anticipated to occur as the Tn ∗ cosα is smaller than Pu ∗ tanα. Also, 
the track will not buckle locally as the Tn ∗ cosα is smaller than the track local buckling 
strength. The same scenario exists for the specimens S2-S4, and the favourable failure mode 
of strap yielding will govern; although the local buckling deformation is expected, but it does 
not govern the overall behavior of the wall. 
For specimens S5 and S6, however, the strap yielding capacity was higher as the straps were 
thicker. The unfavorable failure of stud buckling took place as the studs buckling capacity 
was less than that demanded under strap yielding. The analytical results agreed with the 
observed performance. The Pu ∗ tanα is less than Tn ∗ cosα, therefore the stud’s failure is the 
dominant failure mode.  
The method can reasonably predict the mode of failure and the strength of the panel.  
  Table 4-6 Correlation of experimental test results with analytical study 
Strap Track Double stud Failure Panel Capacity 
𝐓𝐧 ∗ 𝐜𝐨𝐬𝛂 
(kN) 
Ultimate 
strength 
(kN) 
𝐏𝐮 * tanα 
(kN) 
Expected Occurred 
 (kN) 
 (𝐕𝐮) Experimental  
3.42 
≥ 6.56 
 
≥ 8.98 
 
and 
 
 
≤ 12.37 
SY SY 3.42 3.48 
6.85 SY+TLB SY+TLB ≤ 6.85 6.80 
6.85 SY+TLB SY+TLB ≤ 6.85 7.04 
6.85 SY+TLB SY+TLB ≤ 6.85 6.90 
12.40 SF+ Severe TLB+SLB Severe TLB+SLB ≥ 8.98 and ≤ 12.37 9.41 
18.20 Severe TLB+SF Severe TLB+SF ≥ 8.98 and ≤ 12.37 10.79 
SY: Strap Yielding 
TLB: Track Local Buckling 
SLB: Stud Local Buckling 
SF: Stud Failure 
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Comparison between the experimental test results and the analytical results that is 
presented in Table 4-6, shows that increasing the strap strength to achieve a higher lateral 
capacity must be compatible with the strength of the other elements for a ductile response 
to be developed.  
 Comparison seismic modification factor between experimental 
results and recommendation of standards 
According to the FEMA P-750 [14, 117] and FEMA 356 [149], the seismic modification factor 
(R factor) is defined as (Eq. (4-6)): 
𝑅 = 𝑅𝑑 × Ω0 (4-6) 
where, 𝑅𝑑 is the ductility reduction factor that is derived from Eq. (4-7)  and Ω0 is the 
structural over-strength factor which is calculated from Eq. (4-8). 
𝑅𝑑 =
𝑉𝑒
𝑉𝑦
 (4-7) 
Ω0 =
𝑉𝑦
𝑉𝑠
 
(4-8) 
The R factor can then be determined as per Eq. (4-9): 
𝑅 = 𝑅𝑑 × Ω0 =
𝑉𝑒
𝑉𝑦
 ×
𝑉𝑦
𝑉𝑠
=
𝑉𝑒
𝑉𝑠
 (4-9) 
where 𝑉𝑒, 𝑉𝑦 and 𝑉𝑠 correspond to the structure’s elastic response strength, the idealised 
yield strength and the first significant yield strength, respectively. 
Accordingly, the hysteretic envelops and the idealized bilinear curves were drawn up (Figure 
4-22) and the R factors were calculated as presented in Table 4-7. 
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S1 S2 
  
S3 S4 
 
 
S5 S6 
Figure 4-22: Hysteretic envelope and idealized bilinear curves of studied specimens 
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Table 4-7 R factor 
Specimen R 
S1 5.27 
S2 6.34 
S3 4.97 
S4 5.78 
S5 5.94 
S6 5.59 
 
The higher achieved R factor shows that the proposed bracing method and the tension 
device provide much higher ductility and energy absorption for cold-formed steel shear wall 
than prescribed in the standards for ordinary bracing. 
 
 Conclusion 
Strap bracing is a regular method of lateral bracing of CFS structures, which is modified in 
this research by a novel form of tension device that is located in straps and also by proposing 
a new shape of strap which improves the ductility of the wall panels. 
Considering that with the proposed seismic bracing the failure at the connections and 
tension device are eliminated, potential failure modes will be limited to strap yielding and 
stud buckling. Analytical calculation of the capacity then becomes possible. A method of 
calculation was also presented in this chapter, which was verified with the experimental 
results.     
The agreement between the results of the numerical model developed in ABAQUS and the 
experimental findings proved the numerical model reliable allowing further exploration of the 
response. Calculating the seismic modification factor (R) of a system, for example, which 
requires the extraction of several hysteresis curves and is often very difficult to obtain with 
pure experimental study due to high costs can be performed from the results of numerical 
findings. The R-factors found for the seismic strap system show that the codified R-factor of 
4 is too conservative for the seismic brace. The benefits of the proposed seismic brace are 
stable hysteretc loops, desirable failure mode and much higher R-factor (hence lower 
seismic forces).  
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5 Chapter 5: Racking capacity of Cold-Formed Steel Panels 
filled with Foam Concrete 
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 Introduction 
As stated in Chapter 1, common cold formed steel panels with conventional bracing methods 
have two to three story height limitation in medium/high risk seismic regions. Also, the 
common bracing methods are not capable of economically resisting the demands imposed 
on the system in highly seismic regions. In some instances, all panels are to be covered 
with Oriented Strand Boards (OSB) or Steel Sheeting to address the anticipated earthquake 
load adequately, and this renders the system too expensive. To overcome this limitation, it 
was proposed to fill the panels with foam concrete. As foam concrete is lightweight but 
strong enough to restrict the buckling of studs, it is believed to be helpful without significant 
adverse effects on the inertia forces developed in an earthquake. A number of panels with 
different configurations were prepared and filled with foam concrete and were tested 
experimentally. The required racking capacity of foam concrete-filled panels is the demand 
minus what the rest of the system can resist laterally in-plane. As the ordinary partition walls 
of a CFS structure are covered with gypsum boards, the racking capacity of gypsum 
sheathed CFS panel is presented in the following section. 
 
 Racking capacity of gypsum sheathed CFSP 
AISI S213 [1] provides the nominal shear strength for different gypsum sheathed walls (Type 
1 or “solid” and Type 2 or “with openings”). The Type 1 shear wall shall be fully sheathed 
and shall be provided with hold-down anchors at each end of the wall segment. For the 
nominal shear strength of gypsum sheathed CFS panles, engineers in the United States 
and Mexico refer to Table 5-1 and in Canada to Table 5-2. 
Table 5-1 Nominal shear strength (R𝑛) for wind and seismic loads for shear walls faced with 
gypsum board (lb ft2⁄ ) (United States and Mexico) 
Assembly Description 
Maximum 
Aspect 
ratio 
(h/w) 
Fastener Spacing at panel Edges/Field 
(inches) 
7/7 4/4 4/12 8/12 4/6 3/6 2/6 
12.5mm gypsum board on one side of 
wall; stud’s distance is Max. 600mm. 
2:1 290 425 295 230 - - - 
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Table 5-2 Nominal shear strength (R𝑛) for wind and seismic loads for shear walls sheathed with 
gypsum board (kN/m) (Canada) 
Assembly Description 
Maximum 
Aspect ratio 
(h/w) 
Fastener Spacing at panel Edges/Field 
(mm) 
100/300 150/300 200/300 
12.5mm gypsum board on one side of 
wall; studs Max. distance is 600mm  
2:1 3.4 3.1 2.7 
 
Type 2 gypsum sheathed walls have openings. Depending on the extent of opening, the 
shear resistance of this wall can be reduced by multiplying the capacities found in Tables 
5.1 and 5.2 by  C𝑎 that is presented in Table 5-3. 
 
Table 5-3 Shear Resistance Adjustment Factor (C𝑎) 
Percent Full-Height Sheathing 
Maximum Opening Height Ratio 
1/3 1/2 2/3 5/6 1 
Shear Resistance Adjustment Factor 
10% 1 0.69 0.53 0.43 0.36 
20% 1 0.71 0.56 0.45 0.38 
30% 1 0.74 0.59 0.49 0.42 
40% 1 0.77 0.63 0.53 0.45 
50% 1 0.8 0.67 0.57 0.5 
60% 1 0.83 0.71 0.63 0.56 
70% 1 0.87 0.77 0.69 0.63 
80% 1 0.91 0.83 0.77 0.71 
90% 1 0.95 0.91 0.87 0.83 
100% 1 1 1 1 1 
 
According to AISI S213, “The available strength (factored resistance) for shear panels with 
different sheathing materials and fastener configurations applied to the same side of the wall 
is not cumulative. For walls with material of the same type and nominal strength (nominal 
resistance) applied to opposite faces of the same wall, the available strength (factored 
resistance) of material of the same capacity is cumulative. Where the material nominal 
strengths (nominal resistances) are not equal, the available strength (factored resistance) 
shall be either twice the available strength (factored resistance) of the material with the 
smaller value or shall be taken as the value of the stronger side, whichever is greater”.  
Also, in conjunction with the National Building Code of Canada (NBCC [56]) gypsum board 
shear walls shall not be used alone to resist lateral loads and the use of gypsum board in 
shear walls shall be limited to structures four stories or less, in accordance with Table 5-4. 
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Table 5-4 Maximum Percentage of total shear forces resisted by gypsum board in a story 
Story 
Percentage of Shear Forces 
4 3 2 1 
𝟒𝒕𝒉 80 - - - 
𝟑𝒓𝒅 60 80 - - 
𝟐𝒏𝒅 40 60 80 - 
𝟏𝒔𝒕 40 40 60 80 
 
 
 Experimental test on Foam Concrete-Filled CFSP 
Nine specimens 1200mm wide and 2400mm tall of three different configurations (A, B and 
C) shown in Table 5-5 were tested, using a testing frame designed specifically for lateral in-
plane loading. The panels were fabricated by assembling single cross side studs having a 
lipped channel cross-section that interconnected at each end by tracks having un-lipped 
channel cross section. The CFS panel’s cross section and properties were similar to the 
ones used in the strap braced panels of the previous chapter (Figure 4-5 and Table 4-1). 
This similarity between the components allows a logical comparison between the lateral 
capacities of these two types, thereby providing a means of proving the advantages of filling 
the panels with foam concrete.  
 
Figure 5-1: The specimen preparation process 
 
In specimen type C, one nogging was connected to the side studs at the middle of the stud 
height parallel to the tracks. The nogging’s cross section was similar to the track’s cross 
section. All members were connected to each other using wafer head self-drilling/self-
tapping screws. The screws shear and tensile strength were 3.3kN and 3.8kN, respectively. 
In Figure 5-1, the specimen construction process is demonstrated. The sketch of the 
specimens is provided in Figure 5-2. 
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Specimen A Specimen B Specimen C 
Figure 5-2: The schematic configuration of specimens 
 
Table 5-5 FCFCFSP configuration 
Specimen 
type 
Height Width Thickness 
Corner 
studs 
Middle 
stud  Noggin 
No. of 
repeats 
 (mm) (mm) (mm) (single) (single) 
A 2400 1200 100 √ - - 3 
B 2400 1200 100 √ √ - 3 
C 2400 1200 100 √ √ √ 3 
 
 
Considering that the light weight of CFS structures is one of the most desirable features of 
these structures, the filler should have been chosen as light as possible not to increase the 
weight of the panels excessively. Here, foam concrete with the density of 1200~1300 kg m3⁄  
was chosen for the in-fill. Foam concrete is a cement-based slurry, with a minimum of 20% 
(per volume) foam component added into the concrete mixture. The entrained foam 
provides volume air in the hardened concrete. The density is controlled by substituting all or 
part of the fine aggregate with foam. In addition to reducing the weight further, it was decided 
to replace part of the sand aggregate by expanded clay (LECA). The mechanical properties 
of LECA in comparison to sand are provided in Table 5-6 [150]. Water absorption of LECA 
is less than regular sand in conventional concrete. So, pre-wetting of LECA was required 
prior to the procedures of mixing lightweight concrete.  
The other benefits of using lightweight foam concrete in CFS panels are its excellent 
resistance to frost and fire, in addition to providing a high level of both sound and thermal 
insulation. 
110 
 
Table 5-6 Mechanical properties of LECA and sand 
Type 
Specific 
gravity 
Unit weight Void 
Fineness modulus 
Max. nominal size 
(𝐤𝐠 𝐦𝟑⁄ ) % (mm) 
LECA 1.2 633 47.25 5.0 8 
Sand 2.67 1690 36.7 2.8 - 
LECA has commonly three particle sizes, up to 4mm, 4-8mm, and 8-12mm. In this study, 
the 4-8mm particle size was used. Since in the production of foam concrete no coarse 
aggregate is implemented, it can be regarded as an aerated mortar instead of foam 
concrete. 225kg/m3 cement was used in the mix. This amount provides adequate strength, 
bond and durability. The compressive strength of the specimen is defined based on AS 
1012.9 [151] and presented in Table 5-7. 
Table 5-7 Light weight concrete mix design and properties 
Aggregate Leca Leca 
Water 
Cement Specific 
Weight 
Slump 𝐟𝐜
′ 
(#4) (#4-1/2”) (1/2”-1”) (Portland) 
(𝐤𝐠/𝐦𝟑) (𝐤𝐠/𝐦𝟑) (𝐤𝐠/𝐦𝟑) (𝐤𝐠/𝐦𝟑) (𝐤𝐠/𝐦𝟑) (𝐤𝐠/𝐦𝟑) (mm) (MPa) 
400 230 50 150 225 1200 110 13 
 
M16 high strength bolts were placed inside the wall panel before pouring of the foam 
concrete next to the side studs in the middle of the tracks to connect the specimens to the 
upper (fixed) and lower loading beams of the laboratory frame. M16 nuts were used to 
tighten the bolts. Measurements consisted of bottom wall displacement, acceleration of the 
loading beam assembly, the shear load at the wall top, as well as the uplift force in the hold 
down anchor rods. The LVDTs, strain gauges, load cells and accelerometer were connected 
to a computer and the Lab View Signal Express Software [139] to obtain the load-
displacement graph for each specimen (Figure 5-3). 
 
Figure 5-3: The apparatus of lateral loading test frame 
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The cyclic loading regime that was used in this study is similar to the lateral loading of strap 
braced CFS Panels of the previous chapter. The loading was based on Method B of ASTM-
E2126-11 standard that was explained comprehensively in Section 5.2. 
 
 Experimental results of racking capacity test on FCFCFSP 
Results show that the concrete filled panel was able to resist almost 7 kN/m lateral loads 
which is almost three times of its similarly configured panel sheathed with gypsum board 
alone with 2.7kN/m which is tabulated in AISI S400 [47]. Light-weight concrete is a brittle 
material especially in tension, so naturally it cannot sustain large deformations like the CFS 
does. However, at small drifts considerable amount of lateral resistance from the concrete 
filled panel is expected. As is shown in Figs. 3-5, the hysteretic response of the foam 
concrete filled CFS panels exhibit pinching behaviour with stiffness and strength 
degradation. The major part of pinching is attributed to closing of the cracks of the foam 
concrete, which is the main failure mode in these specimens. The failure continued by the 
pull-out of stud-to-track connecting screws and rivet tilting causing some distortional 
buckling, triggering rupture of the flange in the lower track. Hereinafter, the lateral load was 
reduced, and the frame lost its load bearing capacity. According to the experimental tests, 
middle stud and nogging did not play any positive role in lateral load capacity rather due to 
the discontinuity created in the concrete, the lateral force capacity and ductility of the wall 
dropped. Deformation of the bottom track at the hold-down position was the main reason 
behind the decrease in the lateral load capacity in specimens Type A and Type B.  
 
Figure 5-4: Hysteretic diagram of test specimens type A 
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Figure 5-5: Hysteretic diagram of test specimens type B 
 
 
Figure 5-6: Hysteretic diagram of test specimens type C 
The main reason for the pinching seen in the hysteretic graphs is existence of cracks in the 
body of the foam concrete. Upon reversal of loading and until the foam concrete cracks 
close, lateral stiffness and strength are small. As the panel returns to its undeformed shape, 
the concrete reloads, but the stiffness degrades comparing to the initial stiffness. 
As expected, lateral load capacity of the foam concrete filled walls is much higher than 
conventional walls (as provided in Table 5-1 and Table 5-2).   
 
 Numerical modelling and analytical analysis of concrete filled panel  
ABAQUS software was used to perform the numerical analysis. The software allows precise 
modelling of the foam concrete and the CFS, considering the separation and slip between 
CFS and foam concrete, but as the cracks which developed in the experimental occurred at 
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the edge of the track lips and concrete, in the model the concrete ties to the CFS member 
in their connection surface. The steel was modelled as mentioned in Sections 4.2 and 4.2.2. 
The foam concrete was modelled as an isotropic material, with elastoplastic behaviour.  
The eight–node three-dimensional solid element C3D8R with damage plasticity was used 
for the modelling of foam concrete. Equation for calculating the concrete damage plasticity 
parameters is D =  1 − (E/E0), where D is the damage parameter of foamed concrete in 
compression and tension, E0 is the initial (undamaged) elastic stiffness and E is the 
damaged elastic stiffness of the foamed concrete with compressive strength of 13MPa.  
The stress-strain curve of the light weight foam concrete is according to the Figure 5-7. 
 
Figure 5-7: Stress-strain curve of light weight foam concrete 
 
Making use of a fine mesh improves the accuracy of the model but prolongs the time of 
analysis. The mesh size was reduced in successive runs until further reduction had a 
negligible effect of less than 3% on deformations. It considerer equal to 40 for specimen A 
and B and 20 for specimen C. To simulate the experimental condition, displacements along 
the X, Y and Z directions at top and bottom track and rotations along Y and Z-directions of 
top and bottom track were restrained. The loading process was controlled by displacement 
according to Section 5.2. Figure 5-8 shows the considered coordinate system and sketch of 
the FE model. 
It must be admitted that, despite many tiring attempts to calibrate the numerical model so 
that the result match the experimental results, only the shape of deformation and mode of 
rupture were found to be reasonably close (Figure 5-9) but the lateral capacity of the model 
stayed above the experimental values. In Figure 5-9 the development of the cracks in 
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experimental tests are presented. Also, the corresponding stress contours of numerical 
model in the elastic range of the concrete is presented. Regarding to the plastic-damage 
model of light concrete, there is no accepted constitutive equation for modelling concrete 
response. Also, in Mingqing PhD thesis [152], it was declared that “Though numerous efforts 
devoted to the development of constitutive relations for concrete have resulted in a number 
of constitutive models for concrete, no generally accepted constitutive equations exists at 
present for modeling concrete response to complex load history. Some of the existing 
concrete constitutive models employ complicated analytical formulation and try to 
incorporate as much concrete behavior as possible. It is clear that this kind of models 
incorporate more model parameters. Therefore, more tests need to be carried out to 
calibrate these parameters. Some of the parameters are even impossible to obtain by 
conventional tests. Another disadvantage for this kind of model is that it is not easy to 
implement for very large and complicated concrete structures.” 
 
Figure 5-8: Mesh size and coordinate system of light weight foam concrete filled CFS panel 
It seems that the material models available in ABAQUS that suit normal concrete are not 
equally suitable for foam concrete, which does not possess a close structure. The problem 
may have also been aggravated by the geometric imperfections due to fabrication, casting 
and erection errors, which could not be simulated well by the model.  
The failure mode observed in the experiments (Figure 5-9) showed that the shear failure is 
the main failure mode of the specimens. The shear strength of regular and high strength 
concrete based on the ACI318-05 provisions [12], is as per Equation (5-1). 
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Vc =
√𝑓𝑐′
6
 𝑏𝑤 𝑑 
(5-1) 
where, 𝑓𝑐
′ is the compressive strength of concrete found in this study to be 13MPa from tests 
on standard cylinders and 𝑏𝑤  and 𝑑 are the length and thickness of the section at which 
shear occurs which are equal to 2400mm and 90mm, respectively in this study. 
Based on Equation (5-1), shear capacity of the studied panel can be calculated as 65kN, 
which is much higher than the capacity found in the experimental panels. 
The main reason behind this difference is the structure of the foam concrete. The ACI code 
explicitly states that the provisions are not applicable to foamed and aerated concrete as 
the concrete must have a closed structure. The other reason is the weak degree of 
connection between the infill and the frame. In Moretti’s paper [153], it is stated that: “while 
the concrete filled panel underwent lateral loading, prior to the occurrence of relative slip 
and detachment along the interfaces between the infill and the frame, the infilled frame 
behaves as a whole”. After the relative slip between the infill and the frame reaches a 
threshold value, the frame deforms in a flexural mode, whereas the infill deforms mainly in 
shear [154]. When separation between the infill and the frame occurs, the windward infill 
diagonal is under compression, while the leeward diagonal, along which the panel is 
separated from the frame at the corners, is subjected to tension (Figure 5-10). Hence, the 
observation of Polyakov [155] that subsequent to the detachment of the frame and the infill, 
the infill may be substituted by an equivalent strut along the diagonal under compression, 
might be a good model. 
Figure 5-6 shows the development of the diagonal strut for types A and B perfectly well. For 
type C, due to the presence of nogging, the diagonal tension strut was formed less vividly 
in the two upper quarters of the panel.  
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 Specimen type A 
 
 
Specimen type B 
 
 Specimen type C 
Figure 5-9: The failure configuration of the tested panels and comparison with analytical study 
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(a) (b) 
Figure 5-10: Infilled frame subjected to horizontal loading (a) prior to separation between 
infill/frame (monolithic behaviour) (b) after separation of infill/frame [153] 
 
The above-mentioned modes of load transfer are related to the filled panel under monotonic 
lateral loading. As the separation between the infill and the frame occurs in the first cycles 
of loading (Figure 5-11), the response of the foam concrete filled panel under cyclic loading 
will become different due to separation. 
 
  
Figure 5-11: Separation between infill and frame accurses in the first cycles of loading 
 
Unless shear connectors are used or the infill panel is reinforced with vertical or horizontal 
reinforcement bars [156], the diagonal tension strut does not offer much strength and thus 
can be confidently eliminated from the analysis. Only in the windward diagonal, an 
equivalent strut under compression need to be assumed for transferring the load (Figure 
5-12) and this makes the analysis much simpler. An analytical model is presented in the 
following. 
As depicted in Figure 5-12, 𝑤 is the width of the equivalent strut. The thickness of the strut 
is equal to the actual thickness of infill. 
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Figure 5-12: Characteristics of infill and strut model [153] 
 
The Fema 306 [157] and ASCE [36] codes recommend using Equation (5-2) that is based 
on the Mainstone [158] study to calculate the width of the equivalent diagonal strut. 
w = 0.175(λhcol)
−0.4rinf (5-2) 
hcol = Column height between beam centrelines 
λ is a parameter that is proposed by Stafford Smith and Carter [159] which express relative 
stiffness of the column of the frame to the infill Equation (5-3). 
λ = √
Ewtinfsin2θ
4EfIcolhinf
4
 
(5-3) 
where,  
Ew = Young’s modulus of elasticity of infill  
tinf = Thickness of infill  
hinf= Height of infill  
Icol = Moment of inertia of the column  
Ef = Young’s modulus of elasticity of column  
rinf = The length of the infill diagonal  
θ = tan−1(
hinf
linf
) 
Where, 
 Linf = Length of infill 
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The strut width based on Equations (5-2) and (5-3) is equal to 145mm, 140mm and 84mm 
for the studied panels type A, Type B and type C, respectively. 
Paulay and Priestley [154] assert that the value of strut width which is derived from various 
equation is not precise until the effect of separation of the infill from the frame (expected to 
occur at 50% of the lateral shear resistance of the infilled frame) be considered.  
Also, for calculating the equivalent strut width, the elastic stiffness of the foam concrete has 
to be substituted in Equation (5-3). As the stiffness degradation gradually occurs under cyclic 
loading, this equation cannot reasonably predict the actual behaviour of the foam concrete 
filled panel. The effect of slenderness of the compression strut is not considered which is 
yet another factor that can reduce the load bearing capacity of the wall. 
As stated, detachment of the foam concrete from the CFS member in the first cyclic load is 
predicted which follows with the flexural deformation mode of the frame and shear 
deformation of the infill. As expected, in parallel with the diagonal tension failure of the infill 
(Figure 5-13(a)) which is the dominant failure mode of the foam concrete filled CFS panel, 
flexural failure of CFS member (Figure 5-13(b)), failure of joints of CFS member (Figure 
5-13(c)) and separation of foam concrete and CFS member (Figure 5-13(d)) take place. 
These reinforce occurrence of the compression diagonal strut of foam concrete in the CFS 
panel. 
FEMA 306 [157] and ASCE [36] provisions suggests a formula for calculating the strut width 
which includes the detachment of in-fill from column and beam. (Equation (5-4)) 
𝑤 = min [(0.5𝑤), 0.25√ℎ𝑖𝑛𝑡
2 + 𝐿𝑖𝑛𝑡
2 ] 
(5-4) 
 
Based on the ACI provisions, capacity of the concrete column under compression can be 
derived according from Equation (5-5). 
Pc = 0.85 √fc′Ac (5-5) 
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(a) (b) 
  (c) (d) 
Figure 5-13: The probable failure modes of FCFCFSP. (a) diagonal tension failure. (b) flexural 
failure of frame. (c) failure of joints of the frame. (d) Separation of foam concrete and CFS member 
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The failure mode shapes revealed that specimen A, has one diagonal strut. According to 
the calculated strut width and considering that the thickness of the filled foam concrete is 
almost 80mm and the cylindrical compression strength is 6MPa, it is expected that the lateral 
capacity of the panel be around 5.4kN, 5.6kN and 6.3kN for type A, Type B and Type C, 
respectively. As is demonstrated in Figure 5-9, the occurrence of compression strut is more 
obvious in the specimen’s type A and type B. The nogging in the specimen Type C made 
inconsistency in the load transfer path of the foam concrete and causes the strength 
reduction. 
Table 5-8 Theoretical lateral capacity calculation of the tested walls  
 
 Theoretical calculation 
Experimental 
result 
  
hcol Linf w 𝐟𝐜
′ t 
𝒏∗ 
𝐩𝐜 θ 𝒏 × 𝐩𝐜  × 𝐜𝐨𝐬 𝛉  
(mm) (mm) (mm) (MPa) (mm) (kN) (Rad)  
SPECIMEN A 2400 1200 145 6 80 1 21.7 1.11 5.4 7.16 
SPECIMEN B 2400 600 140 6 80 2 24.2 1.33 5.6 4.68 
SPECIMEN C 1200 600 84 6 80 2 13.9 1.11 6.3 4.18 
*: n=Number of struts 
 
 
The calculated lateral strength of panels based on the proposed method that is presented 
in Table 5-8 are almost in agreement with the experiments results as shown in Figure 5-4 to 
Figure 5-6. 
 
  Conclusion 
The performance of the foam concrete filled CFS walls as a lateral load resisting system is 
acceptable considering both the load bearing capacity and ductility in comparison with 
conventional CFS walls. The only CFS wall that has a similar lateral capacity with the 
concrete filled CFS panels is the OSB sheathed CFS panel but OSB works out to be more 
expensive and is susceptible to moisture variations.  
The concrete of tested panels is not confined to study the crack development of the 
specimens. As the gypsum board are used typically as the finishing material of the wall, it 
can significantly act as the confining material and enhance the racking capacity of CFCFSP. 
It was figured out that the dimension and height to width ratio of the panel play directly and 
indirectly an important role on the overall racking capacity of CFCFSP. 
Also, the path of transferring the load should be considered before designing and concrete 
should be solid and consistent between hold downs. 
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6 Chapter 6: Conclusions and Recommendations 
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 Summary and conclusions  
In this research, the performance of hybrid cold-formed steel panels subjected to different 
loading was studied. Of interest were the application of a novel brace strap called seismic 
brace used in conjunction with a new tension device tension device and the structural effects 
of gypsum board as the panel sheathing, in addition to filling the panels with light weight 
concrete. 
Chapter 1 introduced the project, distinguishing the strength limitation of traditional lateral 
bracing system of CFS structures, followed by highlighting reasons for the need to look for 
novel hybrid cold-formed steel panels. 
It should be noted that many studies had been performed on the performance and strength 
of cold-formed steel structures. Based on the knowledge gained from a detailed literature 
review and a general review of the relevant codes, the validation, verification, evaluation 
and the assessment of the merit of the current study were presented in Chapter 2. This 
chapter concluded by addressing the gap in the state of the art knowledge and the areas 
which require further research. The identified gaps became the main parts of the current 
research project. Also, several fundamental concepts including Effective Width Method 
(EWM) and Direct Strength Method (DSM), which are published in the current standard 
provisions were presented. 
Chapters 3 to 5 were each dedicated to one part of the project. Summary and outcomes are 
presented in the following. 
In Chapter 3, the software program that was developed in this study to simplify the tedious 
trial and error procedure for the calculation of the strength of bare steel member is 
presented. Based on the prior knowledge about the lateral stiffness that sheathing can 
provide for the thin walled members, the mentioned program was run in parallel with the 
open access CUFSM software. It was demonstrated that for the conventional screw distance 
in the ordinary gypsum sheathed CFS panels, the gypsum board sufficiently increases the 
flexural-torsional (Euler) buckling capacity of CFS member but has no effect on the local 
and distortional buckling strength. Therefore, it was concluded that the current proposed 
method of sheathed member strength calculation based on the CUFSM program which 
assumes the gypsum board as a uniform spring leads to overestimation of the capacity [8, 
79, 88, 125, 160, 161]. The EWM method was thus implemented in the developed software 
program, which allows the modelling of sheathing board as a discrete spring.  
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Subsequently, a total of 106 gypsum sheathed CFS panel specimens under lateral out-of-
plane loading were tested. Description of the test specimens, testing rig specification and 
equipment and loading strategy for cyclic loads was presented. The results showed higher 
flexural capacity than that expected based on the CFS flexural strength when only the 
gypsum board stiffness is considered. So, it was inferred that gypsum board actually 
provides three functions; i) providing stiffness at the location of the screws, ii) restraining the 
flexural-torsional buckling of the CFS member and iii) acting compositely with the stud as a 
structural component. Therefore, a theoretical study was performed that allowed the 
combined strength of gypsum board and CFS to be calculated as a composite system.  The 
results of the proposed formula showed good agreement with the experimental results. It 
was proven that the slip factor plays an influential role in the overall strength of gypsum-
CFS composite section.  
Of interest was the maximum allowable wall height for each stud type. Information gleaned 
from the experimental study conducted on gypsum sheathed CFS panel, provided 
considerable insight in this regard. The achieved data is tabulated for walls with different 
stud type at 600mm distance. 
Chapter 4 presented the results of a study on an innovative form of strap brace (called the 
seismic brace) in addition to a new tension device. In total, six wall specimens with varied 
strap thickness and reduced middle length width were tested in the laboratory. The 
configuration of the test specimens, testing rig specification and equipment and loading 
strategy for cyclic loads were presented in Chapter 4. It was found that the suggested 
technique sufficiently increases the ductility of the wall under in-plane lateral loading.  
Nonlinear FE analysis of the tested specimens under cyclic loads was performed by 
ABAQUS software and the results were compared with the experimental data. Comparison 
of the experimental and numerical load-displacement curves demonstrated a good 
agreement up to the failure. In addition, the numerical analysis could accurately locate 
deformation shape and failure mode observed during the experimental tests specimens. 
Confirming the efficiency of reducing the strap width in the middle length through 
experimental tests initially, it was shown that the suggested FE analysis can be used reliably 
as a practical, cost-effective tool to perform a parametric investigation, and to evaluate the 
failure mechanism for the design of the strap braced panel. 
The experimental results indicated that for a specific stud type, increasing the strap 
thickness and steel grade did not lead to a considerable capacity increase, rather the mode 
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of failure was switched from strap rupture at the narrowed middle portion to local and 
distortional deformation in the CFS panel members, especially cross studs. This conclusion 
was also confirmed with the analytical study. The theoretical study performed in this case, 
could reasonably meet the thresholds of the wall lateral capacity based on its components’ 
inelastic strength. 
Chapter 5 was dedicated to studying the efficiency of filling the panels with light weight foam 
concrete in order to improve the in-plane lateral response. It should be noted that this type 
of panel had not been studied in the past. The concrete filling was thought to assist as it 
could carry shear loads as well as restraining the buckling of the studs.  
Towards this, three different configurations of CFS panel were tested laterally in-plane. For 
each configuration, three similar specimens were tested, so in total nine tests were 
performed. The results were not satisfactory with regard to the improvement of the strength. 
Separation from studs occurred as well as brittle crack development. Overall, the capacities 
were not much higher than strap bracing. The numerical study carried out by ABAQUS 
showed the failure modes correctly but failed to agree with the experiments for the overall 
capacity and the force displacement curve. The differences were attributed to the open 
structure of the foam concrete. Nevertheless, analytical results showed closer agreement 
with the experiments. 
It can be concluded that the contribution of the current thesis to the body of knowledge in 
the field of cold-formed steel are as following: 
 Proposing a new method of calculating the effect of the gypsum board on out-of-
plane capacity of gypsum sheathed CFS panels by considering the structural effects 
of the gypsum board as the composite element with CFS member. The proposed 
method was approved by experimental tests. 
 Proposing a new shape of the strap which efficiently can increase the ductility of strap 
brace cold formed steel panel under racking forces in parallel with introducing a new 
tension device which does not generate any stress concentration based on its 
designed shape. 
 Proposing a new system as the shear wall for CFS structure. In the proposed shear 
wall the panel is filled with light weight foam concrete. The experimental results 
showed the appropriate capacity can be achieved. Also the experimental results were 
verified by numerical modelling, which can be equipped us for further understanding 
of this system. 
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 Suggestions for future research  
The experimental, analytical, and numerical study reported herein could satisfactorily meet 
the intended objectives within the scope of this research. However, based on the knowledge 
gained, the areas of needed research are identified in the following.  
6.2.1 Experimental study  
 The proposed seismic strap bracing showed promising results. Its behavior in the 
presence of gypsum board can be studied in the future. The combined system may 
behave interestingly considering that the mechanisms of load transfer are very 
different in the two systems.  
 To provide a better understanding of the composite behavior of gypsum board and 
CFS member, it is required to carry out several slip factor tests to properly evaluate 
the shear resistance that can be developed between the gypsum board and the CFS 
members. 
 Experimental and analytical studies performed here to evaluate the composite effect 
of gypsum board were under out-of-plane loading. Similarly, to consider the in-plane 
performance, lateral loading test on gypsum sheathed CFS panels shall be 
conducted. 
 The routine stud spacing is 400mm and 600mm. Comprehensive study had been 
performed on the gypsum sheathed panel with the 600mm distance between studs. 
As the stud distance may affect the effective width of the gypsum board, it is 
recommended to further study this by looking at smaller spacing. 
 As the performance of the unreinforced light weight foam concrete was not desirable, 
different reinforcing methods shall be tried together with enhancement of material 
properties for the foam concrete. 
 
6.2.2 Numerical study  
The ABAQUS model of strap braced CFS panel showed good agreement with the 
experimental tests in both estimating the deformation shapes and the hysteretic load-
deformation diagram. Although the model of aerated concrete filled CFS panel 
demonstrated the failure mode of the wall precisely, the hysteretic load-deformation curve 
was not as desired. So, performing more studies in this case is suggestable. 
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6.2.3 Analytical study  
Analytical models were offered for the behavior of gypsum sheathed CFS under out-of-plane 
loading and strap-braced/light weight foam concrete filled CFS panel under in-plane lateral 
loading, separately. Satisfactory results achieved based on the proposed analytical concept 
for determining the strength of gypsum sheathed panel and strap braced panel. The 
proposed method for calculating the lateral strength of light weight concrete filled CFS panel 
properly estimated the threshold of the capacity; more effort in this regard is suggested.   
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